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Abstract

Skirted foundations are assumed to be a wise selection

in offshore geotechnical engineering. In this paper the
bearing-capacity factors for a vertically loaded skirted strip
foundation resting on uniform c-¢ soil were obtained using
an upper-bound limit analysis. The analysis is performed
by choosing a kinematically admissible failure mechanism
comprising multiple triangular rigid blocks. The effect of
the embedment depth of the skirts on the bearing capacity
is studied based on the dimensionless embedment ratio
Dy/By. A detailed parametric study is carried out by varying
the Dy/Byratio and ¢ for both the smooth and rough
surface of the skirts. The results obtained from the present
theoretical analysis are compared with the available theore-
tical and experimental data reported in the literature.

List of symbols:

Bf width of the skirted strip foundation

Dy embedment depth of the skirts

Dy By non-dimensional embedment ratio

Nk bearing-capacity factor for an isolated skirted strip

foundation with respect to the cohesion of the soil

2. Acta Geotechnica Slovenica, 2019/2

Kljuéne besede

temelji, mejna analiza, ravninsko deformacijski stanje,
plasti¢nost, temel;j s krili

V geotehnicnem inZenirstvu na morju so temelji s krili
praviloma primeren izbor temeljenja. V tem prispevku
smo s pomocjo analize zgornje mejne vrednosti dolocili
faktorje nosilnosti za vertikalno obremenjen pasovni
temelj na enakomerni c-¢ zemljini. Analiza je izvedena
z izbiro kinematicno dopustnega porusnega mehanizma,
ki je sestavljen iz vec trikotnih togih blokov. Vpliv globine
vpetja kril na nosilnost je preucevana na podlagi brez-
dimenzijskega razmerja vpetosti, DBy, Izvedena je bila
podrobna parametricna Studija s spreminjanjem razmerja
Dy/Byin ¢ za gladko in grobo povrsino kril. Rezultati,
dobljeni na osnovi predlagane teoreticne analize, so bili
primerjani z razpoloZljivimi teoreti¢nimi in eksperimen-
talnimi podatki, ki so navedeni v literaturi.

N, bearing-capacity factor for surface strip founda-
tion with respect to the unit weight of the soil

Ny bearing-capacity factor for an isolated skirted strip
foundation with respect to the unit weight of the soil

P ultimate failure load of the skirted foundation

Vi absolute velocity of the i! triangular rigid block in

the radial shear zone of the skirted foundation
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Viisl velocity of the block i+1 relative to the block i in
the radial shear zone of the skirted foundation

I; d; length of two arms of the i triangular rigid block
in the radial shear zone of the skirted foundation

n number of triangular rigid blocks in the radial
shear zone of the skirted foundation

Gusk ultimate bearing capacity of the skirted foundation

o Bi internal angles of the i" triangular rigid block in

the radial shear zone of the skirted foundation
adhesion factor for the soil
¢ angle of internal friction of the soil

1 INTRODUCTION

To improve the bearing-capacity and reduce settlement,
skirted foundations are reported as a popular choice in
geotechnical engineering. The skirts provide confine-
ment in which the soil is stringently enclosed and
perform as a single unit with the overlain foundation to
transmit the superstructure load to the soil essentially

at the level of the skirt tip. Skirted foundations are
generally installed to increase the effective depth of

the offshore foundation where scouring seems, by all
accounts, to be a noteworthy concern [1-4]. Besides
that, for several coastal and near-shore structures resting
on granular soils with high water tables as well as for
the enhancement of the bearing capacity under normal
situations, skirted foundations can be an economical
option. The major application of skirted foundations is
affiliated with jack-up unit structures, oil and petrol gas
plants, tension leg platforms, wind-turbine foundations,
bridge foundations, etc. Several studies [2-21] are avail-
able to determine the bearing capacity of the skirted
foundation assuming a rigid soil plug within the skirts.
Having considered an equivalent embedded rigid foun-
dation, Yun and Bransby [21] determined the bearing
capacity of the skirted foundation embedded in uniform
soil. The soil plug is generally presumed to act as a rigid
body with uniform shear strength along the depth [14].
Keawsawasvong and Ukritchon [2] and Ukritchon and
Keawsawasvong [3] determined the undrained pullout
capacity of suction caissons using both upper- and
lower-bound limit analyses. A number of investigations
[22-28] reported in the literature address the bearing-
capacity aspect of the foundation under different field
conditions using various solution techniques, such

as upper- and lower-bound limit analyses, and finite-
element analysis. However, the few studies [13, 21] avail-
able in the literature are restricted to the experimental
investigation of the skirted foundation considering the
plane-strain condition and a perfectly rough foundation-

soil interface. Finite-element analyses were performed
by Mana et al. [14] to determine the bearing capacity of
a circular skirted foundation as a function of the skirt
depth, the foundation-soil interface roughness and the
heterogeneity in soil strength. However, except for a few
studies on suction caissons [2-4], no work is available

in the literature to understand the failure of the skirted
foundation through a kinematically admissible collapse
mechanism along with a properly defined velocity field
under the framework of a limit analysis. Therefore, there
is an obvious need to develop a proper failure mecha-
nism for exploring the bearing capacity of a skirted
foundation theoretically.

This study aims to determine the bearing capacity of a
skirted strip foundation resting on a homogeneous soil
deposit using upper-bound limit analysis [2-3, 22]. The
upper-bound theorem, which assumes a perfectly plastic
soil model with an associated flow rule, states that the
rate of internal energy dissipation by any kinematically
admissible velocity field can be equated with the rate

of work done by external forces to enable a strict upper
bound on the true limit load [29]. In association with
the collapse mechanism similar to Pal et al. [17], a multi-
block failure mechanism along with upper-bound limit
analysis has been adopted to determine the bearing-
capacity factors. The bearing-capacity factors with
respect to the cohesion (Ng) and unit weight (N,,¢) of
the soil are obtained using a kinematically admissible
velocity field. Both smooth and rough skirts are consid-
ered in the analysis. The effect of the skirt depth on the
bearing capacity is studied based on the dimensionless
embedment ratio. The results obtained from the analysis
are suitably compared with the available data reported in
the literature.

2 PROBLEM DEFINITION

A single, isolated, skirted strip foundation with width By
and depth of skirts Dyrests on a uniform c-¢ soil deposit.
The objective is to determine the bearing-capacity
factors Nig and N, considering an upper-bound limit
analysis along with a multi-block failure mechanism.
The collapse mechanism, as shown in Fig. 1, is supposed
to determine the bearing-capacity factors for the skirted
foundation. It is assumed: 1) foundation, skirt and
connection between the foundation and the skirt behave
as a rigid structure; 2) the analysis does not consider the
effect of the installation of the skirted foundation on the
surrounding soil; 3) the behavior of the soil is consid-
ered to be pressure independent, i.e., the undrained
condition.

Acta Geotechnica Slovenica, 2019/2 3.
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(a)

w/2-(B—6-¢)

n/2—(0-4)

(b) Pi—2¢

V13
n—(a, +B, —2¢)

Figure 1. (a) Geometry of rigid blocks and velocity vectors, (b) velocity hodograph for failure mechanism.

3 FAILURE MECHANISM

The collapse mechanism, as shown in Fig. 1a, is a kine-
matically admissible, symmetrical, multi-block failure
mechanism with three kinematic variables (a;, 5; and 0)
to define the collapse mechanism. For the sake of clarity,
only the right portion of the center line of the founda-
tion is shown in Fig. 1a, where AB and BC are the half
width of the foundation and the right skirt, respectively.
The wedge ABCD; is assumed to move vertically as a
rigid body with the same downward velocity Vj as that
of the footing. The downward movement of the footing

4. Acta Geotechnica Slovenica, 2019/2

and the wedge ABCD; is accommodated by a lateral
movement of the adjacent two radial shear zones on
both the left and right sides. The radial shear zones on
the right side CD,D,...D;...D,D,C are discretized into
n number of triangular rigid blocks along with the last
quadrilateral rigid block BCDg,E. The wedge ABCD,
includes a part of the soil plug formed between two
skirts (left and right) and the triangular wedge shaped
below the skirts, which makes an angle 0 with the
horizontal. Each triangular rigid block within the radial
shear zone can be defined by the internal angles «; and
Bi» and by two arms [; and d;, whereas the last quadrilat-



P. Ghosh and A. Pal: Undrained bearing capacity of a skirted strip foundation using upper-bound limit analysis

eral rigid block, BCD,E can be defined by the angles
(/2 + ag) and By, and the arm length ;, where

lgp = CDgp. The velocity hodograph for the failure
mechanism and other associated geometric parameters
are shown in Fig. 1b.

At collapse, it is assumed that the footing and the
underlying rigid block ABCD; move as a single rigid
unit in the vertical direction with a velocity V. The
number () of triangular rigid blocks is kept equal to
30 based on the convergence study. V,V5,...V;...V, are
the absolute velocities of all the triangular rigid blocks
within the radial shear zone, whereas Vy; is the velocity
of the block CD; D, relative to the block ABCDy; V4,
is the velocity of the block i+1 relative to the block i
and so on. The interfaces of all the triangular blocks are
treated as the velocity-discontinuity lines. The soil mass
is assumed to obey the Mohr-Coulomb failure criterion
and an associated flow rule. Hence, the direction of the
velocity vectors V1,V5,... V;...V, makes an angle ¢ with
the corresponding rupture lines. The relative velocities
Vo1, Viz... Vi Vi1, are also inclined at an angle ¢
with the velocity discontinuity lines CD;,CD,...CD,...
CD,, , respectively. The quadrilateral block moves with
an absolute velocity Vb, > which makes an angle ¢ with
DgE and an angle § = (g +Bp—0—-0b—XL, aS with
the skirt BC, as shown in Fig. 1b. It is worth noting that
in the presence of soil cohesion, an adhesion factor (a®)
is assumed to determine the internal energy dissipation
along the skirt surface, which ensures no separation
between the skirt and the soil. All the velocities can be
computed in terms of V|, following the velocity hodo-
graph, as shown in Fig. 1b.

4 ANALYSIS

Various parameters along with the velocity vectors
associated with the radial shear zone around the edge of
the foundation can be obtained following the collapse
mechanism as well as the velocity hodograph. The
magnitude of P, can be obtained by equating the total
external work done to the total internal dissipation of
energy, which in turn determines the ultimate bearing
capacity of the skirted foundation, q,4 = P,4/B. The
work done by various external forces and the internal
dissipation of energy along the lines of discontinuity
can be obtained by following the equations provided

in Appendix I and II, respectively. Among the various
possible solutions obtained with different input param-
eters, the least upper-bound value of P, reveals the
target solution. Hence, the objective function (the bear-
ing capacity) is optimized with respect to different vari-
ables (geometrical parameters of the failure mechanism)

to obtain the minimum value of the bearing capacity and
can be expressed as

Pusk
Qusk = B_f = cNgg + O-SVBfNysk (D

The bearing-capacity factors for the smooth skirts can be
expressed as

Ny ==(fit o+t fz+futfs) (2a)

Negie = (f6 + f7 +f8 + f9 + f10)(2b)

where the functions f| - f;, are defined in Appendix
I and II. However, for a detailed formulation of these
functions, Chen [29] can be referred to.

Similarly, the bearing-capacity factors for the rough
skirts can be expressed as

Ny =—(itfatfs+futfs) (3a)
Nesk = (fe + f7+ fa + fo+ fio+ fi1)  (3b)
where the function f;; is defined in Appendix II.

From Egs. (2) and (3) it can be observed that N, is
same for the foundation with smooth as well as rough
skirts, whereas N, varies with the roughness of the
skirts. The method of superposition is employed to
determine the bearing-capacity factor for the skirted
foundation i.e., the ¢ = 0, y # 0 condition is considered to
determine N,g; whereas N,y is obtained by considering
the ¢ # 0, y = 0 condition and hence, in the process, a
true upper-bound solution might not be guaranteed. The
minimum value of the bearing capacity, g, is obtained
after performing a nonlinear constrained optimiza-

tion of Eq. (1) with the help of the ‘fmincon’ solver in
MATLAB.

The constraints considered in the optimization process are

a) 0+ X aj + agp = m, which is based on the
geometry of the failure mechanism.

b) o + B; > Bir1, which ensures a kinematically admis-
sible failure mechanism.

¢) o5 + By < m, which ensures that all the rigid blocks
within the radial shear zone are triangular.

d) 10°< 0 <85° 1°< ; < 85°, 10°< fB; < 170°, which are
the upper and lower limits of the parameters 6, «;
and f3;.

e) V;>0and V< V; which ensure that all the velocity
vectors are positive and the collapse mechanism is
kinematically admissible.

Acta Geotechnica Slovenica, 2019/2 5.
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5 RESULTS AND DISCUSSION

5.1 Smooth and rough skirts

The variation of Ny with DBy for both smooth and
rough skirts is shown in Fig. 2 for different values of a*
and ¢. For smooth skirts, there is no energy dissipation
along the skirts; whereas in the case of rough skirts the
magnitude of Ny depends on the adhesion factor a®,
which is varied from 1/3 to 1.0. From Fig. 2 it is clear
that the magnitude of N increases with an increase

in the D¢ Byratio for a particular value of ¢. It can

also be observed that the value of N increases as the
roughness of the skirts i.e., the adhesion factor (a%),
increases. However, for a lower embedment ratio (Dy/By)
the roughness of the skirts has little influence on N.
Hence, it is evident from Fig. 2 that the effectiveness of
the skirted foundation increases with an increase in the
embedment depth of the skirt.

Ncsk

¢ =20°

25 A

—a*=1.0
220 - = =2/3

—A—o*=1/2
—-0'=1/3
—o— Smooth skirts

15 T T )

0.0 0.5 1.0 1.5
D¢/B;
(a)
¢ =30°

50 -

45 A

40 1 —u*=1.0
== =2/3

35 1 - =1/2
—a-u'=1/3

30 - —o—Smooth skirts

25 T T )

0.0 0.5 1.0 1.5
Dy¢/B¢

(b)
Figure 2. (a) Variation of Nig with DBy with different o for
(a) ¢ =20°, (b) ¢ = 30°.

6. Acta Geotechnica Slovenica, 2019/2

The variation of N, with D4/ By for different values of
¢ is shown in Fig. 3. The magnitude of N, is found
to increase significantly with the D4/ Byratio due to an
increase in the confinement provided by the skirts.
The roughness of the skirts does not affect the bearing-
capacity factor N, as the internal energy dissipation
is considered to be zero (¢ = 0) in the determination
of Ny The rate of increase of N, is seen to be more
predominant in the case of a higher angle of internal
friction, which can be attributed to the larger failure
domain developed in the surrounding soil.

100 -
75 A
% 50
—8-30°
——20°
25 A
0 -+ T T )
0.0 0.5 1.0 1.5

D/B;

Figure 3. Variation of N,y with Dy/Byfor different values of ¢.

5.2 Critical failure surface

The critical failure surface obtained from the optimiza-
tion of the collapse mechanism is shown in Fig. 4 for

¢ = 30° and different D¢ Byratios. It is clear that the size
of the critical failure zone considerably increases with
an increase in the Df/Bf ratio, which in turn causes an
increase in the bearing capacity of the skirted founda-
tion. Similarly, the critical failure surface for different
values of a? and ¢ is presented in Figs. 5 and 6, respec-
tively. It is clear from Figs. 5 and 6 that the failure zone
expands with an increase in a® and ¢, resulting in an
enhancement of the bearing capacity with an increasing
roughness of the skirts and the angle of internal friction
of the surrounding soil.

6 COMPARISON

In Table 1 the present values of N obtained for smooth
skirts with ¢ = 0° are compared with those reported by
Mana et al. [15], who obtained N for the foundation
with smooth skirts employing finite-element limit
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Figure 6. Critical collapse surface for a® = 1.0 and D¢By= 1.4 with different ¢.

analysis. The present results are found to be the lowest, N, as compared with the existing values reported in
but compare reasonably well with those proposed by the literature and hence it can be considered as a better
Mana et al. [15]. In Table 2, the values of N obtained solution for the skirted foundation.

from the present analysis for rough skirts with ¢ = 0°

are compared with those provided by Yun and Bransby In Table 3, the ratio of N)g4/N, obtained from the present
[21] and Mana et al. [14]. The latter determined the analysis for different magnitudes of the D4 Byratio is
bearing-capacity of a skirted strip foundation resting compared with the numerical as well as the experimental
on uniform clay soil (¢ = 0°) using the finite-element results reported by Eid [11]. Eid [11] proposed the
method. The present analysis predicts a lower value of Nyg/Ny ratio in cohesionless soil through experimental

Acta Geotechnica Slovenica, 2019/2 7.
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Table 1. Comparison of Ny for smooth skirts with ¢ = 0°.

Dy/By Present analysis Mana et al. [15]
0.1 5.33 5.48
0.2 5.50 5.74
0.3 5.63 5.92
0.4 5.77 6.10
0.5 5.90 6.22

Table 2. Comparison of N for rough skirts with ¢ = 0°.

DyB; Prefegt Yun and Mana et al.
analysis Bransby [21] [14]
0.00 5.14 5.20 5.22
0.20 5.65 6.00 6.10
0.30 5.86 6.35 6.50
0.50 6.23 7.00 7.25
0.75 6.62 7.70 8.00
1.00 6.95 8.50 8.80
1.20 7.19 9.00 -

Table3. Comparison of N,4/N,, ratio for different DyBy.

Ny/N,

¢(°) DyBs Eid [11]

Present analysis - -
Numerical Experimental

0.5 1.87 1.5 -

1.0 2.80 1.8 -
35.0

1.5 3.81 2.6 -

2.0 4.88 3.2 -

0.5 1.74 - 2.10

1.0 2.52 - 3.10
38.5

1.5 3.36 - 4.05

2.0 4.25 - 5.50

0.5 1.70 1.4 1.85

1.0 241 2.1 2.60
40.0

1.5 3.18 2.6 3.50

2.0 4.00 3.2 4.70

0.5 1.53 1.6 1.50

1.0 2.10 2.2 2.20
45.0

1.5 2.66 2.7 2.95

2.0 3.27 33 4.00

as well as numerical analyses. Three different values of

relative density (44%, 57% and 71%) were considered in
the experimental study of Eid [11], which correspond to

three different magnitudes of ¢ , such as 38.5°, 40° and

45° [30]. It is worth noting that the corresponding value

8. Acta Geotechnica Slovenica, 2019/2

of ¢ is selected as the mean value within the range of ¢
as proposed by Eid et al. [30]. For lower values of ¢, the
present values of the N,/N, ratio are seen to be a little
higher than those determined from the numerical study
of Eid [11], whereas the experimental results of Eid [11]
for all values of ¢ are the highest.

7 CONCLUSIONS

The bearing-capacity factors for a skirted strip founda-
tion are determined using an upper-bound limit analysis
for various soil-friction angles and the embedment ratio
of the skirts. The magnitude of N, is found to increase
with an increase in the roughness of the skirts. However,
for a lower value of the Dy Byratio, the roughness of the
skirts has little influence on the N, values. It was clear
that the magnitude of N increases with an increase in
the D/ Byratio for a particular value of ¢. The magnitude
of Ny was found to increase significantly with theD/ By
ratio due to an increase in the confinement provided by
the skirts. The roughness of the skirts does not affect N
as the internal energy dissipation is considered to be zero
(c = 0) during the calculation of Nyg.

APPENDIX I: EXTERNAL WORK DONE

a) The external work done by the self-weight of the
quadrilateral block ABCD; below the footing (Fig.
1a) can be expressed as,

YB¢
AWygep, = > [fi(oy, B OV (4)
where,

fi= _ta:e + 2 (ﬁ)

By

b) The external work done by the self-weight of the 2n
triangular rigid blocks on either side of the footing

can be expressed as,
2n

B.2

D 1awW] = T 16 (B O, (5)
=1

where,

_ cos(6 — ¢) sina;sinf;

" 2c0s2 0 sin(B, — 2¢) £ sin(a; + ;)

f2

i-1 i-1

. sin?B;  sin(a; + B; — 2¢)
sin| pi—60—¢— Z % Hsinz(aj + B;) sin(Bjr1 — 29)
j=1 -

c) The external work done by the self-weight of the
quadrilateral rigid block BCD,E (Fig. 1a) can be
expressed as,
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B 2
AWy = L 18 (i, By, 0) + £ (e, 81, 0) + F5(ct, B, O)1Vo (6)

where,

: cos(8 — ¢) sinagy, sin fqp
f = 2 cos? 0 sin(agpy + Bgp) sin(By — 2¢)

"y sin? B; sin(a; + B; — 2¢)
sin (ﬂqb —-0—-¢ - Z 0(1> nsmz(a] T ﬁ]) Sm(,g}ﬂ _ 2¢)]

ﬁ cos(6 — ¢) sin Byp
Bs cos 0 sin(B, — 2¢) Sin(a’qb + ﬁqb)

. L Z sin B; sin(a; + B; — 2¢) ]
sin (ﬁqb -0 - d) - z aj>Dsin(aj + '8]) Sin(ﬁj+1 — 2¢)
= =

2D;% cos(8 — @) sin|(agp + Bgp) — /2]
sz sin(By — 2¢) sin(aqb + qu)

| ST M]
‘sin <ﬁqb —0—-¢- Z aj) E Sin(ﬂjﬂ - 2¢)

j=1

ﬁ:

fs =

d) The external work done by the foundation load P
can be expressed as,

AWt = PV (7)

APPENDIX II: INTERNAL DISSIPATION OF ENERGY

Considering the complete failure mechanism, the inter-
nal dissipation of energy can be derived as follows

a) The internal dissipation of energy along the line of
discontinuity CD; can be expressed as (Fig. 1a),
AIWDcp, = cBe[fs (o, B, 0)1Vy  (8)

where,

_cospcos(fy— 0 — @)
™ cos@cos(By —2¢)

b) The internal dissipation of energy along d; (i = 1, 2,
3.....n) can be expressed as,

AIWD4 = cB[f; (o, B;, 8)1Vo %)

where,
_ cos(8 —¢p)cos P
cosO sin(B; — 2¢)

=
Z sina; 1—[ sin B; sin(aj + B — 2¢)
sin(a; + B;) sm(a]- + Bj) sin(Bjs1 — 2¢)

¢) The internal dissipation of energy along [; (i = 2, 3,
4....n) can be expressed as,
AIWD; = cBfg(ay, Bi, 0)1Vo  (10)
where,
_ cos(8 — @) cos ¢
87 cosO sin(By — 2¢)

nil sin(Bi—1 — fi + ai—1) = sin B; ﬁsin(aj + B —2¢)
sin(f; — 2¢) 1 sin(a; + B;) b sin(Bjr1 — 2¢)

d) The internal dissipation of energy along the disconti-
nuity line D,E for the last quadrilateral block (Fig.
la) can be expressed as,

AIWDp g = cBelfo(a, Bi, 6) + f10(as, By 0)]Vo (1)
where,
cos(6 — @) cos p sinagy,
" CosO sin(B; — 2¢) sin(aqb + [)’qb)

1—[ sinf;  sin(a; + B — 2¢)
iy sin(a; + ) sin(Bja — 20)

_ Zﬁ cos(0 — ¢) cos ¢ ﬁsin(a]- + B —2¢)
YTUBe sin(By — 26) sin(agy + Bap) L] sin(Bj+1 — 2¢)

e) The internal dissipation of energy along the skirts i.e.,
along BC (Fig. 1a), can be expressed as,

AIWDg¢ = cBg[fy; (o, B;, 8)]Vo (12)
where,

_ a& cos(0 — ¢)
= g S8 — 2

. n I sin(aj + B; — 2¢)
i —0=b- ) || |l oy
0s (2 + Bab ]Z:la1> 1_[ sin(Bsr — 26)

REFERENCES

[1] Alemi, M., Maia, R. 2018. Numerical simulation
of the flow and local scour process around single
and complex bridge piers. International Journal of
Civil Engineering 16(5), 475-487. DOL https://doi.
org/10.1007/s40999-016-0137-8

[2] Keawsawasvong, S., Ukritchon, B. 2016. Finite
element limit analysis of pullout capacity of
planar caissons in clay. Computers and Geotech-
nics 75, 12-17. DOI: https://doi.org/10.1016/].
compgeo.2016.01.015

[3] Ukritchon, B., Keawsawasvong, S. 2016. Undrained
pullout capacity of cylindrical suction caissons
by finite element limit analysis. Computers

Acta Geotechnica Slovenica, 2019/2 9.



P. Ghosh and A. Pal: Undrained bearing capacity of a skirted strip foundation using upper-bound limit analysis

(4]

(5]

(6]

(7]

(8]

(9]

(10]

(11]

(12]

(13]

(14]

and Geotechnics 80, 301-311. DOI: https://doi.
org/10.1016/j.compgeo.2016.08.019

Ukritchon, B., Wongtoythong, P., Keawsawasvong,
S.2018. New design equation for undrained
pullout capacity of suction caissons considering
combined effects of caisson aspect ratio, adhesion
factor at interface, and linearly increasing strength.
Applied Ocean Research 75, 1-14. DOI: https://doi.
org/10.1016/j.apor.2018.03.007

Al-Aghbari, M.Y., Dutta, R.K. 2008. Perfor-
mance of square footing with structural skirt
resting on sand. Geomechanics and Geoen-
gineering 3(4), 271-277. DOI: https://doi.
org/10.1080/17486020802509393

Al-Aghbari, M.Y., Zein, Y.E. 2004. Bearing capacity
of strip foundations with structural skirts. Geotech-
nical and Geological Engineering 22(1), 43-57.
DOI: 10.1023/B:GEGE.0000013997.79473.e0
Azzam, W.R. 2015. Finite element analysis

of skirted foundation adjacent to sand slope
under earthquake loading. HBRC Journal,

11(2), 231-239. DOI: https://doi.org/10.1016/].
hbrcj.2014.04.001

Bienen, B., Gaudin, C., Cassidy, M.J., Rausch, L.,
Purwana, O.A., Krisdani, H. 2012. Numerical
modelling of a hybrid skirted foundation under
combined loading. Computers and Geotechnics
45,127-139. DOL: https://doi.org/10.1016/j.
compgeo.2012.05.009

Bransby, M.E, Randolph, M.E 1998. Combined
loading of skirted foundations. Géotechnique
48(5), 637-655. DOL: https://doi.org/10.1680/
geot.1998.48.5.637

Bransby, M.E, Randolph, M.E. 1999. The effect of
embedment depth on the undrained response of
skirted foundations to combined loading. Soils
and Foundations 39(4), 19-33. DOI: https://doi.
0rg/10.3208/sandf.39.4 19

Eid, H.T. 2013. Bearing capacity and settlement
of skirted shallow foundations on sand. Interna-
tional Journal of Geomechanics 13(5), 645-652.
DOTI: https://doi.org/10.1061/(ASCE)GM.1943-
5622.0000237

Gourveneg, S. 2008. Effect of embedment on the
undrained capacity of shallow foundations under
general loading. Géotechnique 58(3), 177-185.
DOTI: https://doi.org/10.1680/geot.2008.58.3.177
Gourvenec. S., Barnett, S. 2011. Undrained failure
envelope for skirted foundations under general
loading. Géotechnique 61(3), 263-270. DOL:
https://doi.org/10.1680/geot.9.T.027

Mana, D.S.K., Gourvenec, S.M., Randolph, M.E
2010. A numerical study of the vertical bearing
capacity of skirted foundations. Proceeding of 2"4

Acta Geotechnica Slovenica, 2019/2

(15]

(16]

(17]

(18]

(19]

(20]

(21]

(22]

(23]

(24]

(25]

International Symposium on Frontiers in Offshore
Geotechnics (ISFOG), Perth, Australia, pp.
433-438.

Mana, D.S.K., Gourvenec, S., Martin, C.M. 2013.
Critical skirt spacing for shallow foundations
under general loading. Journal of Geotechni-

cal and Geoenvironmental Engineering 139(9),
1554-1566. DOI: https://doi.org/10.1061/(ASCE)
GT.1943-5606.0000882

Martin, C.M. 2001. Vertical bearing capacity

of skirted circular foundations on Tresca soil.
Proceeding of 15 International Conference on
Soil Mechanics and Geotechnical Engineering,
Istanbul, Turkey, 1, pp. 743-746.

Pal, A., Ghosh, P, Majumder, M. 2017. Interaction
effect of two closely spaced skirted strip founda-
tions in cohesionless soil using upper-bound limit
analysis. International Journal of Geomechanics
17(2), 06016022. DOL: https://doi.org/10.1061/
(ASCE)GM.1943-5622.0000755

Punrattanasin, P, Izawa, J., Kusakabe, O., Murata,
0., Koda, M., Nishioka, H. 2003. The behavior of
sheet pile foundations on sand. Proceeding of Brit-
ish Geotechnical Association (BGA) International
Conference on Foundations, T. A. Newson, ed.,
MPG Books, Bodmin, UK., pp. 723-732.
Punrattanasin, P, Gasaluck, W., Muktabhant,

C., Angsuwotai, P., Patjanasuntorn, A. 2009. The
effect of sheet pile length on the capacity of sheet
pile foundation. Proceeding of 17 International
Conference on Soil Mechanics and Geotechnical
Engineering, Millpress Science Publishers, Rotter-
dam, Netherlands, 1, pp. 598-601.

Villalobos, E, Byrne, B.W., Houlsby, G.T., Martin,
C.M. 2003. Bearing capacity tests of scale suction
caisson footings on sand: Experimental data.

Data Rep. FOT005/1, Department of Engineering
Science, University of Oxford, Oxford, U.K.

Yun, G., Bransby, M.E. 2007. The undrained verti-
cal bearing capacity of skirted foundations. Soils
and Foundations 47(3), 493-505. DOI: https://doi.
0rg/10.3208/sandf.47.493

Ghosh, P. 2008. Upper bound solutions of bear-
ing capacity of strip footing by pseudo-dynamic
approach. Acta Geotechnica 3(2), 115 -123. DOL
https://doi.org/10.1007/s11440-008-0058-z

Kaya, N., Ornek, M. 2013. Experimental numerical
studies of T-shaped footings. Acta Geotechnica
Slovenica 10(1), 43-58.

Shukla, R.P,, Jakka, R.S. 2017. Critical setback
distance for a footing resting on slopes. Acta
Geotechnica Slovenica 14(2), 19-31.

Ukritchon, B., Keawsawasvong, S. 2016. A practical
method for the optimal design of continuous foot-



P. Ghosh and A. Pal: Undrained bearing capacity of a skirted strip foundation using upper-bound limit analysis

ing using ant-colony optimization. Acta Geotech-
nica Slovenica 13(2), 45-55.

[26] Ukritchon, B., Keawsawasvong, S. 2017. Unsafe
error in conventional shape factor for shallow
circular foundations in normally consolidated
clays. Journal of Geotechnical and Geoen-
vironmental Engineering 143(6), 02817001.

DOTI: https://doi.org/10.1061/(ASCE)GT.1943-
5606.0001670

[27] Ukritchon, B., Keawsawasvong, S. 2018. Lower
bound limit analysis of an anisotropic undrained
strength criterion using second-order cone
programming. International Journal for Numerical
and Analytical Methods in Geomechanics 42(8),
1016-1033. DOI: https://doi.org/10.1002/nag.2781

[28] Ukritchon, B., Yoang, S., Keawsawasvong, S.

2018. Bearing capacity of shallow founda-
tions in clay with linear increase in strength
and adhesion factor. Marine Georesources
and Geotechnology 36(4), 438-451. DOL:
10.1080/1064119X.2017.1326991

[29] Chen, W.E. 1975. Limit analysis and soil plasticity.
Elsevier, Amsterdam, Netherland.

[30] Eid, H.T., Alansari, O.A., Odeh, A.M., Nasr, M.N,,
Sadek, H.A. 2009. Comparative study on the
behavior of square foundations resting on confined
sand. Canadian Geotechnical Journal 46(4),

438-453. DOL: https://doi.org/10.1139/T08-134

Acta Geotechnica Slovenica, 2019/2 11.



Y. Y. Cai et al.: Seismic active earth pressure on rigid retaining walls under rotation about base considering principal-stress rotations by pseudo-static method

SEISMIC ACTIVE EARTH
PRESSURE ON RIGID RETAIN-
ING WALLS UNDER ROTATION
ABOUT BASE CONSIDERING
PRINCIPAL-STRESS ROTA-
TIONS BY PSEUDO-STATIC
METHODS

SEIZMICNI AKTIVNI ZEMELJ-
SKI PRITISK NA TOGE
PODPORNE STENE OB
ROTACIJI OKOLI OSNOVE
OB UPOSTEVANJU ROTA-
CIJE GLAVNE NAPETOSTI S
PSEVDO-STATICNO METODO

Yan-Yan Cai

Fujian Research Center for Tunneling and Urban Underground
Space Engineering, Huagiao University, No. 668 Jimei Road,
Xiamen 361021, China

State Key Laboratory of Geohazard Prevention and Geoenviron-
ment Protection, Chengdu University of Technology, No.1 Erxian-
giao Road, Chengdu 610059, China

E-mail: yycai@hqu.edu.cn

Wen-Ping Zhang
Huagiao University,
School of Civil Engineering

Xiao-Yan Zhang

E-mail: zhangwxwz@163.com China

E-mail: 899210@qq.com

China University of Mining and Technology,
School of Mechanics and Civil Engineering
No. 668 Jimei Road., Xiamen 361021, China  Ding No. 11 Xueyuan Road, Beijing 100083,

Yi-Tao Zhou (corresponding author)

Hebei University of Water Resources and Electric Engineering,
School of Civil Engineering

No.1 Chongging Road, Cangzhou 061001, China

E-mail: zhouytwr@163.com

JinYu

Huagiao University,

School of Civil Engineering

No. 668 Jimei Road, Xiamen 361021, China
E-mail: bugyu0717@163.com

m https://doi.org/10.18690/actageotechslov.16.2.12-24.2019

principal stress rotation; rigid retaining wall; rotation
about base; seismic active earth pressure; seismic active
rupture angle; pseudo-static method

Abstract

In this paper, new formulae for seismic active pressure on
rigid retaining walls under the rotation about bases (RB)
are derived by the pseudo-static method with the consi-
deration of the principal stresses rotation. The calculation
of seismic active earth pressure by pseudo-static method
is transforming into that of static active earth pressure by
the rotating calculation model. The seismic active rupture
angle is obtained by Coulomb earth pressure theory.
According to Mohr stress circle and the assuming the circu-
lar arc trajectory of minor principal stresses as a circular
arch, the coefficient of the lateral seismic active earth
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Kljuéne besede

rotacija glavne napetosti, toga podporna stena; vrtenje
okoli osnove, seizmi¢ni aktivni zemeljski tlak, seizmi¢ni
aktivni kot razpoke, psevdo-stati¢na metoda

Izvlecek

V tem prispevku so podane nove enacbe za izracun seiz-
micnega aktivnega tlaka na toge podporne zidove ob rota-
ciji okoli osnove (RB), izvedene s psevdo-staticno metodo
ob upostevanju rotacije glavnih napetosti. Izracun seiz-
micnega aktivnega zemeljskega pritiska s psevdo-staticno
metodo je preoblikovan v staticni aktivni zemeljski tlak

z rotacijskim racunskim modelom. Kot potresne aktivne
razpoke dobimo s teorijo Coulombovega zemeljskega
pritiska. Na osnovi Mohrove kroZnice napetosti in ob
predpostavki, da je trajektorija manjsih glavnih napetosti
krozni lok, sta, ob rotaciji okoli osnove, predlagana koefi-
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pressure and the horizontal interfacial friction coefficient
are proposed under RB mode. Then based on the force
equilibrium of the differential sliding backfill element,

the formula for the seismic active earth pressure on the
rigid retaining wall under RB mode is obtained, as well as
the formulae for the resultant of the seismic active earth
pressure and the height of its application. Meanwhile,

the effects of influence parameters on the seismic active
rupture angle, the lateral seismic active earth pressure and
its coefficient, the horizontal interfacial friction coefficient,
the resultant of the seismic active earth pressure and

the height of its application are discussed. Moreover, the
comparisons of predicted values by the proposed method
and M-O method are carried out as well as model tests.
The result shows that the proposed method is more reaso-
nable and effective than the M-O method.

1 INTRODUCTION

Retaining walls as a common retaining structure are
widely used in geotechnical engineering of building
foundations, highways, railways, riverbanks, etc. The
distribution of the earth pressure is an important
parameter in the design of retaining walls, and it is

also the most fundamental and important problem in
geotechnical engineering. For the frequent earthquake
in the world scope, the analyses of various architectural
structures under earthquake have been gradually beco-
ming a hot subject. So, it is very necessary to consider
the effects of seismic on earth pressures for the design
of retaining structures. The pseudo-static and pseudo-
-dynamic methods are popularly used to calculate the
seismic earth pressure. However, the pseudo-static
method, which is first extended from Coulomb earth
pressure theory, is more favored than the pseudo-dyna-
mic method.

The most popular method of estimation the active

earth pressure during earthquakes is the M-O method.
Okabe [1] and Mononobe & Matsuo [2] firstly extended
the Coulomb theory to seismic earth pressures by the
pseudo-static method. The distribution of the seismic
earth pressure on a rigid retaining wall by M-O method
is linear along the wall height. However, some expe-
riments [3, 4, 5] have shown that this distribution is
nonlinear. In recent decades, many researchers improved
the calculation of the seismic earth pressure by the
pseudo-static method [6-13] and the pseudo-dynamic
theory [14-17]. Based on the limit equilibrium theory,
Azad et al. [18] applied the pseudo-dynamic method
into the horizontal slice method of analysis with the
consideration of the effect of earthquake on the lateral

cient bocnega seizmicnega aktivnega zemeljskega tlaka in
medploskovni horizontalni koeficient trenja. S pomocjo
ravnoteZja sil diferencnega drsnega zalednega elementa
dobimo enacbo za seizmicni aktivni zemeljski tlak, delujo¢
na togo podporno steno, ob rotaciji okoli osnove, kot tudi
enacbi za rezultanto seizmicnega aktivnega zemeljskega
tlaka in njeno rocico delovanja. V nadaljevanju obravna-
vamo vplive parametrov na seizmicni aktivni kot razpoke,
bocni seizmicni aktivni zemeljski tlak in njegov koeficient,
medploskovni horizontalni koeficient trenja, rezultanto
seizmicnih aktivnih zemeljskih tlakov in njeno rocico
delovanja. Poleg tega so izvedene primerjave napovedanih
vrednosti po predlagani metodi z vrednostmi po metodi
M-O ter modelnimi preizkusi. Rezultat kaZe, da je predla-
gana metoda primernej$a in bolj uc¢inkovita kot metoda
M-O.

earth pressure. Utilizing a composite logarithmic spiral
failure surface at which the Mohr-Coulomb failure
criterion is enforced and a limit-equilibrium approach,
a slice method for estimating seismic earth pressures
based on the pseudo-static method was put forward by
Shamsabadi et al. [19]. Chen et al. [20] used the limit
equilibrium variational method to study the seismic
active earth pressure under general conditions. For the
friction stress on the wall, the directions of the major
and minor principal stresses are rotated. So, some
researchers [21-27] took into account the effect of the
principal-stress rotation on static active earth pressures
for translating rigid retaining walls, and Li et al. [27]
took into account this effect on static active earth pres-
sures for rigid retaining walls under the rotation about
bases. And other researchers [12,13, 17] considered the
effect of principal-stress rotations on seismic active and
passive earth pressures for the translating retaining wall
by the pseudo-static and pseudo-dynamic methods. But
in these studies of seismic active earth pressures, the
rotation of principal stresses which is a well-established
phenomenon in geotechnical engineering is seldom
considered.

In this paper, by rotating the pseudo-static calculation
model for seismic active earth pressure under earthqua-
kes, the seismic active rupture angle is derived according
to Coulomb static earth pressure theory. Then, according
to the Mohr stress circle, stresses of the backfill behind
the rigid retaining wall under the earthquake are were
obtained. And by assuming the trajectory of the minor
principal stress as a circular arc, the coefficient of the
lateral seismic active earth pressure under RB mode and
the horizontal interfacial friction coefficient is proposed
by integrating shear stress and vertical stress on the
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horizontal in the sliding backfill. Furthermore, by force
equilibrium of the differential sliding backfill element,
analytical solutions for the seismic active earth pressure
are obtained. In addition, to check the accuracy of the
proposed solutions, comparisons of seismic active earth
pressures by the proposed method and M-O method are
carried out with the experimental results. Furthermore,
parametric studies are investigated.

2 PSEUDO-STATIC ANALYSIS OF THE SEISMIS
LOAD

The pseudo-static method is generally applied to the
calculation of the seismic earth pressure. The horizontal
and vertical inertia forces Fj, and F, of the backfill under
the seismic load are calculated by the pseudo-static
method as follows:

E =k,pg (1)

F=(1-k)pg ()

where k;, is the horizontal seismic coefhicient; k, is the
vertical seismic coeflicient; p is the density of soil; g is
the gravitational acceleration.

According to Fig.1, the seismic angle between the
direction of the total acceleration and the plumb line is
obtained as follows:

F k k
1 =arctan—* = arctani =arctan —~ (3)
F, (1-k,)pg 1-k,

Then the total inertia force composed of the gravity and
the seismic force can be calculated as follows:
1-k
F= M (4)

cosn

Figure 1. Principal stresses of sliding backfill under seismic load.
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3 THEORETICAL ANALYSIS

A vertical rigid retaining wall with height H is analyzed
with a cohesionless backfills as shown in Fig. 1. The unit
weight of backfills is y, the wall-soil friction angle is 6,
the friction angle of backfills is ¢, and the horizontal and
vertical seismic accelerations are respectively kg and
k,g. A sliding surface exists in the backfill behind the
rigid retaining wall under the limit equilibrium state,
which is approximates to a plane at an angle of f3 to the
horizontal.

3.1 Seismic active rupture angle

To obtain the seismic active rupture angle by Coulomb
static earth pressure, rotating the original model
calculated seismic earth pressures shown in Fig. 1 with
the counterclockwise angle # yields a new inclined rigid
retaining wall as shown in Fig. 2. Then the seismic active
earth pressure on the vertical rigid retaining wall by
pseudo-static mothed is equal to the static active earth
pressure on the rigid retaining wall with an inclined
angle of 7, a height of H' = H cosn and an unit weight of
y'=y(1=k,)/cosn. According to Coulomb static earth
pressure theory, the seismic active earth pressure can be
obtained by analyzing the static active earth pressure on
this inclined rigid retaining wall as shown in Fig.2:

(b )yt cos( ' )sin(p'—)
a 2cosnsin(ﬁ'—n)cos(ﬁ'—(p—5—TI)

(5)

B'=pB+n (6)

where f"is the pseudo-static seismic active rupture angle.

(1-k,)pg

cosn

\
Y ‘-\ﬂ‘ //

IS
(

\ [

\ oA ﬁ

\ £
BB

’

Figure 2. The calculation model of seismic active rupture angle.
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From Egs. (5 and 6), solving dE/df’ =0 yields the
seismic active rupture angle:

B=B"-n :arctan{tan(q)fn)[lJr\/1+cot(q)+5)cot((pfn)}}

(7)

3.2 Stresses of the differential sliding backfill element

The relationship between the stresses and the principal
stresses at any point of the horizontal in the differential
sliding backfill element can be expressed by the Mohr
stress circle as shown in Fig.3(a), and the stresses of the
backfill at the wall surface and sliding surface are respec-
tively shown as Fig.3(b) and Fig.3(c).

From Fig.3(a), the lateral and vertical earth stresses at
any point of a distance x from the wall and a depth y
from the backfill surface can be obtained as follows:

_ 2 22
0,=0,cos"a+o,sin"a (8)

2 2
o, =0,sin" o +0,cos” o 9)

where « is the rotational angle of principal stresses at
any point in sliding backfills; o1 and o3 are the major and
minor principal stresses, respectively.

0, 0
a, ‘ g, g, ‘ g,
w % the stress at w hD% the stress at > hD
E E D
! f
— lw \&/—— [45)
O Oup
(b) (0

Figure 3. Stresses of sliding backfill (a) Mohr stress circle.
(b) The stresses of the backfill at the wall surface.
(c) The stresses of the backfill at the sliding surface.

The shear stress at any point of a distance x from the wall
and a depth y from the backfill surface can be calculated
as follows:

o, —-c
! 5 2 sin2a (10)

Similarly, according to Fig.3(a), the lateral earth stress
and shear stress on the wall at a depth y can be obtained
as follows:

c,=0,cos’a, +o,sin"a,  (11)
7, =0, tand (12)

The shear stress and normal stress on the sliding surface
at a depth y can be calculated as follows:

. :(Gl—os)cosgo (13)
2
t,  (0,-0,)cos’e

o, =—= : (14)
tang 2sin@

From the geometry knowledge in Fig.1, the rotational
angle of the principal stress at the wall can be obtained
from the equation:

T o0 1 sind
a,=—+—+—-arccos—— (15)
4 2 2 sing

The angle of the minor principal stress plane to the
sliding surface can be calculated as follows:

T.9
a, =—+— 16
p=t5 (19
From the geometry knowledge in Fig.1, the rotational
angle of the principal stress at the sliding surface can be

obtained as follows:

n T T
o =—-a,+f=—-L+B=—-
s F p 4 2 p 4

(SRES)

(17)

+arctan{tan((p—n)[1+\/l + COt((P +5)C0t((/’ —U)J}

3.3 Seismic active stress coefficients

The trajectory of the principal stresses has been obser-
ved or inferred to be elliptic, catenary [23, 28], circular
arc [29-32] and parabolic [22, 25]. In this study, it is
assumed that the trajectory of the minor principal stres-
ses is a circular arc as shown in Fig.1. According to Fig.1,
the following expressions can be obtained:

dx =Rsinado (18)

a= arccos[cosaw —%j (19)
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The horizontal width L of the differential sliding backfill
element at a depth y from the backfill surface can be
calculated as follows:

L =R(cosa, —cosa, ) (20)

The gravity of the differential sliding backfill element is
obtained as follows:

dG=y(H—y)c0tﬁdy (21)

The average vertical stress o, and the average shear
stress 7, on the horizontal of the sliding backfill at a
depth y can be respectively calculated as follows:

L &

.2 2 .
J‘(yvd_x jol(s1n o +k, cos a)Rsmada
0

aW

GHV = L = L
(22)
— 1_ a 2 2
=0, 1- 3 (cos o, +cosa,, cose, +cos aw)
L “1-k
Irdx '[ Z“O'ISinZaRsinada
Ta =2 I =% i
(23)
o, (1-k, )(sin3 a, —sin’ aw)
- 3(cosaw —cosas)
where
o, 1-si
k=o2=220 (g
o, l+sing

Dividing Eq. (11) by Eq. (22) yields the coefficient of the
lateral seismic active earth pressure under RB mode:

o cos’a. +k sin’o
w a w

_c; B l—ka

2 2
(cos a, +cosa, cosa, +cos aw)

(25)

From Eq. (25), the coeflicient of the lateral seismic active
earth pressure k,,, is similar to the coefficient of the
lateral static active earth pressure calculated by Rao et al.
[30], but the «a; in the two coefficients are different.

Dividing Eq. (23) by Eq. (22) gives the horizontal inter-
facial friction coefficient under RB mode:

Lot (l—ka)(sin3 a, —sin3aw)
tang' =——=
o, 3(cosa, —cosa,)—(1-k, )(cossaw —cos’ 0‘5)
(26)

where ¢'is the horizontal interfacial friction angle.
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3.4 Seismic active earth pressure

The analytic model of the differential sliding backfill
element behind the rigid retaining wall under RB mode
is shown in Fig. 4.

Z, ‘am.
Tn‘l
k; dG 4,
-t - dy
o, (1-k)dG ~
! G;
{p
|
Gutday | dr
L

Figure 4. Stresses on differential sliding backfill element.

Analyzing the horizontal and vertical force equilibrium
of the differential sliding backfill element yield the
following equations:

dr
< cot
ay 7 (27)

—k,y(H—-y)cotp—o, —7,cotf=0

Gw+rsc0tﬂ+(H—y)

o+ (H-y) 2

—(l—kv)y(H—y)cotﬁ—Guv cotf=0

cotf+1 +0_ cotf (28)

where dy is the thickness of the differential sliding
backfill element.

By Egs. (12, 14, 25 and 26), the following expressions

can be got:

7, =0, tand T, =0 tang
(29)
c,=k,o

aw ~ av

_ '
T, =0, tan@

From Egs. (27 and 29), the differential equation of the
average vertical stress can be obtained as follows:

do 1-A

av:— B

dy H_yo-av+ y (30)

where
1+tan(ﬁ—¢)tan§
A=k

aw tanﬁ tan(ﬁ —(p)+tan(p' (31)
S )
_Sin(,B—(p-Hp’)[(l kv)sm(ﬂ @) +k, cos(B (p):| (32)
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Integrating Eq. (30) yields the average vertical stress as
follows:
7B(H-y) ()
=—4+C(H- 33
v (H-y) (33)
where C is the integration constant.

By the boundary conditions g, = 0 at y = 0, substituting
04, =0and y = 0 into Eq. (33) gives C as follows:

By )

C=
2-A

(34)

Substituting Eq. (34) into Eq. (33) yields the average
vertical stress:

_ yHB {H—y _(H—YJ(H)] (35)

v A-2| H H

From Egs. (29 and 35), the lateral seismic active earth
pressure can be obtained:

_ A
o, =k, 0. =k yHB[H y—[H yj ] (36)

™A-2| H H

Integrating Eq. (36) yields the resultant of the lateral
seismic active earth pressure:

H 2
yH® B
E, =|o,dy=k, —— (37)
" ! 2 A

From Eq. (37), the resultant of the seismic active earth
pressure can be calculated:

Eh _ kuw }/HZE

E = =
* coséd cosS 2 A

(38)

Substituting Eqgs. (31 and 32) into Eq. (38) yields:

_ (1-k,)yH*sin(B+n—-0)
“ 2cosntanBcos(B—p-5)

(39)

Substituting Eq. (6) into Eq. (5) also yields Eq. (39), this
verifies it is correct that the derivation of the seismic
active earth pressure under RB mode considering princi-
pal stress rotation by pseudo-static method.

From Eq. (36), the moment M of the resultant of the lateral
seismic active earth pressure about the wall base is obtai-
ned by integrating o,,(H — y) with respect to y as follows:

yH’B
"3(A+1)

M= Io-w (H—y)dy =k, (40)

Dividing Eq. (40) by Eq. (37) gives the height of the
application of the Ej:

M _H 2A
E 3

- A+1 (1)

h

Letting A = 1 in Eq. (41), the height of the application
of the seismic active earth pressure is equal to that of
the static active earth pressure obtained by Rankine and
Coulomb.

4 COMPARISONS

To check the applicability of the proposed method,

the calculated values of the lateral seismic active earth
pressure under RB mode by Eq. (36) are compared with
those by M-O method and the experimental results
under RB mode by Ishibashi and Fang [4], as shown

in Fig. 5. The parameters considered in the field test by
Ishibashi and Fang [4] were: ¢ = 40°, § = 20°, kj, = 0.215
and k, = 0.

o, /(yH)
0.00 0.05 0.10 0.15 0.20 0.25 030 0.35 040 045 0.50
0.0 T T T T T T T - -
0.1 + “‘. The method of this paper
\‘\ | ]
02 | R The method of M-O
0.3 ™ B The test of Ishibashi and
Fang
0.4 r
u “
= L X k=0.215
“3‘0,5 o) kt=0
p=40°
0.6 r u 5=20°
0.7 r
n
0.8
0.9 ]
1.0

Figure 5. Comparison of the lateral seismic active earth pressure.

It can be seen clearly from Fig. 5 that the distributions
of the lateral seismic active earth pressure by the propo-
sed method and by field test are non-linear, but this
distribution by M-O method is linear. This is because in
the M-O method the distribution of the lateral seismic
active earth pressure was assumed to be linear, and

the displacement mode of the retaining wall and the
principal-stresses rotation were not considered. Fig. 5
shows that the results obtained by the proposed method
is closer to the measured values than those by M-O
method. Therefore, it is proved that the seismic active
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earth pressure predicted by the proposed method is
feasible and reasonable for the design of retaining walls
under RB mode.

5 PARAMETRIC STUDY

5.1 Seismic active rupture angle

Figs. 6 and 7 show the variations of the seismic active
rupture angle $ under RB mode with the horizontal and
vertical seismic coeflicients, internal friction angle of
backfills and wall-soil friction angle.

Figs. 6 and 7 show that the seismic active rupture angles
B are always smaller than 7 /4+¢ /2 . The f increases

70
L.
60
-
50
~. 40
. 30 ——p=20°
—h— (p=30° L
20 } 5=10°
——=40° K Jk=1/3
10 —o—p=45°
O L i i L L L
0.00 0.05 0.10  0.15 0.20 0.25 030 0.35 0.40
ki
Figure 6. Effect of the horizontal seismic coefficient
on f3 under different ¢.
=

I 5 1 L 1 1 Il 1 Il
0.00 005 010 015 020 025 030 035 040

.4

v

Figure 7. Effect of the vertical seismic coefficient
on f3 under different 4.
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with the increase of ¢, but it decreases with the increase
of kj, and k, respectively, and it almost decreases linearly
with the increase of 8. Moreover, the effect of ¢ on 8 is
greater than that of 6.

5.2 Coefficient of lateral seismic active earth pressure

Figs. 8-11 show the variations of the coeflicient k,,, of the
lateral seismic active earth pressure under RB mode with
the horizontal and vertical seismic coefficients, internal
friction angle of backfills and wall-soil friction angle.

From Figs. 8-11, the k,,, is smaller than 0.5, and non-line-
arly decreases with the increase of ¢. But k,,, non-linearly
increases with the increases of §, kj, and k,, respectively.

0.60

——p=25°

-\*.‘50.40 M/

035

_‘._/A——'*/*’/“
0.30 x & &
025 | _x————!'—-_'_’(_-_-_-_‘,
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Figure 8. Effect of the horizontal seismic coeficient
on kg, under different ¢.
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Figure 9. Effect of the horizontal seismic coefficient
on k,,, under different é.
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Figure 10. Effect of the vertical seismic coefficient
on k,, under different ¢.
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Figure 11. Effect of the vertical seismic coefficient
on k,,, under different é.

5.3 Horizontal interlayer friction coefficient

Figs. 12 and 13 show the variations of the horizontal
interfacial friction coefficient with these influence
parameters (i.e. the internal friction angle ¢, horizontal
seismic coefficient kj, and vertical seismic coefficient k,,).

From Fig. 12, the horizontal interlayer friction coefficient
tang' decreases from 0.18 to 0.09 with the increase of ¢
from 15° to 45° and with the decrease of k, from 0 to ky,.
From Fig. 13, the tang'increase from 0 to 0.3 with the incre-
ase of § from 0 to ¢ and kj, from 0 to 0.2, and it is smaller
than tang = tan40° = 0.839. Moreover from Fig. 12 and Fig.
13, it can be seen obviously that influence of k;, on tang'is
more significant than that of k, on tang’, and the influence
of § on tang'is more significant than that of ¢ on tang".
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Figure 12. Effects of the internal friction angle
on tang' under different k,/kj,.
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Figure 13. Effects of the wall-soil friction angle
on tang' under different kj,.

5.4 Lateral seismic active earth pressure

Figs. 14-17 show the distributions of the normalized
lateral seismic active earth pressure o,,/(yH) along the
normalized wall height with ¢, §, kj, and k,.

From Figs. 14-17, the maximum value of the lateral
seismic active earth pressure is located near the wall
toe,that is consistent with the experimental results [4]
for rigid retaining walls under RB mode. Moreover, the
lateral seismic active earth pressure o,, is concave nonli-
near distribution along the wall height except for k;<0.1,
and the distribution of o,, varies from right-convex to
concave with increase of kj, from 0 to 0.2. The o,, decrea-
ses with the increase of ¢, § and k,, respectively. But the
0,, increases with the increase of ky,.
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Figure 14. Effect of the internal friction angle on o,, /(yH).
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Figure 15. Effect of the wall-soil friction angle on o, /(yH).
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Figure 16. Effect of the horizontal seismic coefficient on 0,, /(yH).
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Figure 17. Effect of the ratio between the vertical and

horizontal seismic coefficients on ¢,, /(yH).

From Figs. 14-17, the resultant of the seismic active
earth pressure respectively decreases with the increase
ofp, § and k,, but increases with the increase of kj,.

5.5 Height of the application of the seismic active
earth pressure

Figs. 18-19 show the variations of the normalized height
of the application of the seismic active earth pressure
h/H with ¢, 6/¢, kj, and k,/kj,.
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Figure 18. Change of the height of the application of the lateral
seismic active earth pressure with ¢ under different kj,.
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Figure 19. Change of the height of the application of the lateral
seismic active earth pressure with 6/¢ under different k,/kj,.

From Figs. 18 and 19, the normalized height of the
application of the lateral seismic active earth pressure
h/H approximately decreases linearly with the increase
of ¢, and first decreases and then increases with the
increase of 6/¢, but it non-linearly decreases with the

increase of kj,. Moreover, the h/H increases with the
increase of k,/ky, for 6/¢ < 0.1 and ¢ < 28°, but decreases
with the increase of k,/k, for 6/¢ > 0.6.

The h/H is greater than 1/3 and smaller than 0.3406

for kj, < 0.03, but it is smaller than 1/3 and greater than

0.319 for kj, > 0.1. Moreover, the h/H is smaller than 1/3
and greater than 0.3311 for ¢ > 33° and kj, = 0.05, and it
is smaller than 1/3 and greater 0.3199 for §/¢ < 0.8 and

ky, > 0, but it is greater than 1/3 and smaller than 0.3359
for 23° < ¢ < 33°and kj, = 0.05.

6 CONCLUSIONS

In the proposed method, the seismic problem was simpli-
fied to the static problem using the pseudo-static method.
By rotating, the seismic angle is added to the inclined
angles of the wall and backfill surface in the formula of
Coulomb static earth pressure, then the seismic active
rupture angle was obtained according to Coulomb static
earth pressure theory. Moreover, the basic equations of
the seismic active earth pressure under RB mode were
established by stress analysis and the static equilibrium.
Then, the theoretical formulae for the seismic active earth
pressure and its coefficient, the resultant of the seismic
active earth pressure and its application height are put
forward for the design of rigid retaining walls under RB
mode considering the principal-stress rotation.

The effects of main parameters (i.e. the internal friction
angle of backfills, wall-soil friction angle, horizontal and
vertical seismic coeflicients) on the seismic active rupture
angle, the coefficient of the lateral seismic active earth
pressure, the horizontal interface friction coefficient, the
distribution of the seismic active earth pressure, the resul-
tant earth pressure and the height of its application were
analyzed. The horizontal seismic coeflicient has a greater
influence on the seismic active earth pressure of rigid
retaining walls than the vertical seismic coefhicient, and
the internal friction angle of backfills has a greater influ-
ence on the seismic active earth pressure of rigid retaining
walls than the wall-soil friction angle. The comparisons of
predicted and measured values of the lateral seismic active
earth pressure showed that the proposed method agreed
better with the experiment than M-O method. This
proposed method is feasible and reasonable in the design
of seismic rigid retaining walls under RB mode.
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Abstract

This paper presents a three-dimensional, finite-element,
parametric study of a base-reinforced embankment
supported by encased floating columns on soft soil. A 3D
numerical model is made to study the effects of geogrid
basal reinforcement and geotextile encasement on the
displacement behavior of the columns. The numerical
model was initially verified using measured data from a
real case study. Then, parametric studies were subsequently
performed, considering the effect of the encasement stiff-
ness, the basal reinforcement stiffness and the embankment
fill height, together with an examination of the effective
length of the encasement. The results from this parametric
study are presented here in the form of comparative graphs.
The objective of this paper is to present the behavior of the
embankment on floating encased columns after the soft
soil consolidation for different embankment heights, basal
reinforcement and column-encasement stiffnesses.

1 INTRODUCTION

The construction of embankments on soft soils, as part
of the efforts to reclaim new areas for the construction
of highways, railways, airport runways and urban

Kljuéne besede

geomreze, geotekstilna obloga, preobremenitev, poseda-
nje zemljine, izbocenje stebra, pescena podlaga

lzvleéek

V prispevku je predstavljena tridimenzionalna para-
metri¢na Studija koncnih elementov ojacenega nasipa,
podprtega z geotekstilom obloZenimi grus¢natimi stebri na
mehkih tleh. Izdelan je 3D numeri¢ni model za prouceva-
nje ucinkov osnovne ojacitve z geomrezo in geotekstilnih
oblog na deformacijsko obnasanje grusc¢natih stebrov.
Numericni model smo sprva preverili s pomocjo Studije
izmerjenih podatkov na realnem primeru. Nato so bile
naknadno izvedene parametricne Studije ob upostevanju
ucinka togosti geotekstilnih oblog, togosti osnovne ojacitve
z geomrezo in visine polnilnega nasipa vzdolZ raziskovane
efektivne dolZine geotekstilnih oblog. Rezultati iz te
parametricne Studije so predstavljeni v obliki primerjalnih
grafov. Cilj tega prispevka je predstaviti obnasanje nasipa
lezecega na z geotekstilom oblozenih gruscnatih stebrih po
konsolidaciji mehkih tal za razli¢ne visine nasipov, osnovne
ojalitve in togosti z geotekstilom obloZenih stebrov.

infrastructure, faces several hurdles with regard to the
low load-bearing capacity and high compressibility of
the subsoil, as well as the tendency for excessive lateral
deformations. Among the various available techniques,
such as surcharging, excavation and replacement,
vertical drainage, vacuum consolidation and column-
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-supported embankments, the use of column-supported
embankments (CSEs) allows for a rapid construction,
total and differential settlement reduction, and adjacent
facility protection [1-3]. However, it is impossible to
construct CSEs in very soft clays (cu < 15 kN/m2) due
to the insufficient columns material lateral confinement
and excessive lateral bulging of the columns [4-6].

In such soils, the required lateral confinement can

be induced through the encasement of individual
columns with geosynthetics [7-11]. In 1995 the first
project utilizing a seamless geotextile-encased column
was successfully implemented in Germany, and later,
Kempfert et al. [5], Raithel and Kempfert [6] and Raithel
et al. [7] tested the performance of geosynthetic-encased
stone columns (GECs) using numerical and analytical
models. The technique detailed in the above-mentioned
projects has been adopted in Europe [8, 9] and more
recently in South America [11], but with growth in the
construction sector and improvements in geosynthetic
production technologies, new design procedures have
been developed.

The performance of geosynthetic encasement on the
capacity and settlement behavior of soft soils has been
studied in both laboratory and field tests [12-17],
while numerical studies of encased granular columns
have been conducted successfully in the literature
[18-27]. The cited studies investigated the influence of
the geometry and material properties of encased and
non-encased stone columns (SCs) on vertical stresses,
excess pore-water pressures and tangential strains in
the geotextile, with a focus on the effect of encasement
length and stiffness, the strength of the soft ground
and surcharge from the embankment fill. The benefit
of encasing stone columns in terms of settlement,
lateral deformation and load-carrying capacity has
been underlined in the above studies, and design charts
for an estimation of the maximum settlement in soil
and column strain during the preliminary design are
presented.

In recent years, in the event of high embankment

loads, one layer of geogrid has been used at the base

of the embankment in combination with GECs over
soft clay soils to form a geosynthetic reinforced and
column-supported embankment (GRCSE) [28-30].

The application of a geogrid layer over the columns

and the soft soil enhances the efficiency of the load
transfer from the embankment to the columns, provides
controllable deformation, minimizes soil yield, enhances
global stability and eliminates the need for inclined
columns to resist the horizontal thrust at the sides of
the embankment [31-34]. The complicated mechanism
of load transfer in GRCSEs combines with the arching
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effects, tension in the geosynthetic reinforcement and
stress transfer from the soft soil to the column due to

the different stiffness values. Over the past few years,
both experimental and numerical investigations into

the behavior of GRCSE have been carried out by many
researchers [35, 37]. Previous studies have analyzed the
performance of GECs and the time-dependent behaviors
of geosynthetic-reinforced embankments supported on
end-bearing columns.

In some instances, when the column does not reach a
hard stratum, the construction of floating columns is
found to be more economical and technically feasible.
The frictional force along the floating column, based
on the relative deformation between the column and
the surrounding soil, affects the behavior of GECs [36,
38, 39]. Although previous research has contributed
valuable information to the knowledge of end-bearing
columns, information about the group behavior of
floating columns is still lacking, and so further research
is required into the design of embankments on encased
floating columns [40-42].

This paper explores the time-dependent behavior of
geogrid-reinforced embankments supported by floating
columns encased in geotextiles. Firstly, a real case study
of GRCSE in thick soft soil was modeled numerically.
Then, the numerical results and the measured data were
compared, and some calibrations on the numerical
model were made for the verification. Finally, parametric
studies including variations of the embankment height,
the stiffness of the column encasement and the base
reinforcement were performed.

Many of the recent studies mentioned above have
dealt with the load-carrying capacities and settlement
of unreinforced embankments supported with GECs;
however, the effects of reinforcement to the base of
the embankment have not been considered to date,
nor have the load-transfer mechanism and the lateral
bulging deformation patterns associated with GECs.
The published literature focusing on the long-term
effects of these parameters on the vertical and lateral
displacement behaviors of the GECs is limited, and
so in order to enhance the performance of the GECs
to contribute to the above-mentioned issues, the
objectives of this paper are as follows: (1) to examine
the long-term behavior (100% consolidation) of a
floating, column-supported embankment under diffe-
rent surcharges; (2) to investigate the performance of
basal geogrid reinforcement; (3) to consider the effects
of geotextile encasement on the lateral and vertical
displacement of columns; and (4) to determine the
effective length of the geotextile encasement of floating
columns.
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2 NUMERICAL MODELLING

2.1 Model verification

A case study of a stone-column-supported embankment
constructed in Kebun-Malaysia, the details of which can
be found in Raju (1997) [43], was modelled numerically.
The soil profile for the Kebun Interchange project
contained marine clay where the CPT tip resistance
values for the top 11 m are 0.1-0.3 MPa (Fig 1). Stone
columns with a 1.1-m diameter were installed at a 2.2-m
rectangular spacing to a depth of 12 m under the 2.6-m-
high embankment. Settlement gauges were placed on
the top of the stone columns and the total settlement
was read as 0.4 m. A 1-m settlement was observed for
untreated ground under the same circumstances. The
results of the settlement in the soft soil and the encased
column after the completion of the embankment
construction from our numerical model were compared
with measured settlements from the Kebun project. This
comparison presented in Fig. 2 shows that the numerical
model followed the trends of the measured data. The
vertical stress transmitted to both the stone column

and the soft soil was verified with measured values, and
this consistency indicates that the numerical model is
appropriate for a parametric study.
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Figure 2. Comparison between the calculated and measured
settlements of the column and the soil.

2.2 Parametric study

GRCSE in 40-m-thick soft soil lying on a rigid and firm
layer were modeled and studied numerically. The water
level was modelled at the original ground surface. Floa-
ting columns having a diameter of 1 m (D) were arran-
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Figure 1. Schematic section view of Kebun Case (Raju, 1997) and tip resistance (q.) - friction ratio (FR) with depth.
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ged in a square-grid pattern with a 3-m center-to-center
spacing, giving an area replacement ratio of 8.7 percent.
All the stone columns were encased with geotextiles

of the best geosynthetic type for the encasement of the
floating columns [20]. A 1-m-thick sand mat, acting as
a working platform below the embankment (2V:1H side
slopes), was established on top of the natural clay soil
prior to the embankment fill to allow equipment access
and to provide drainage for the columns. Furthermore,
one layer of geogrid was laid to provide a basal reinfor-
cement for the embankment.

The numerical analyses were carried out using an
available PLAXIS 3D Foundation package [44]. The
displacements and the vertical stresses on the column
and the surrounding soil, as well as the tensile strains
and tangential tensile forces acting on the geosynthetics,
were calculated. The details of the cross-section of the
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Figure 3a. Cross-section of the model.

36m 40m

model and the finite-element mesh are shown in Fig. 3,
representing the right half of the domain on account of
the symmetry.

In the analyses, the model limits were 50 m in the
vertical direction and 220 m in the horizontal direction,
being five times the width of half of the embankment
base, so as to minimize the boundary effect. Fig. 4 shows
the finite-element mesh used in the 3D numerical simu-
lations. The soil clusters were modeled using 10-noded
tetrahedral elements, whereas the geosynthetic elements
are represented by 6-noded triangle surface elements.

A horizontal displacement was not permitted on the
vertical boundaries of the model; however, the bottom
boundary was fixed securely in both the vertical and
horizontal directions.

The embankment fill construction to the top surface
was simulated in four stages. For each stage 20 days

was envisaged for the construction of a 2-m layer and
90 days for the consolidation from its surcharge. The
consolidation analyses were carried out during and after
each construction stage. After the completion of the
embankment construction, the calculations were conti-
nued until the excess pore-water pressure dissipation at
mid-depth of the clay layer had reached 1 kPa. A closed
consolidation boundary was applied to the sides of the
model parallel to the embankment axis to prevent lateral
drainage.

Both the embankment fill and the sand mat (assumed

to be Sacramento River sand) were modeled using the
Mohr-Coulomb failure criterion under a drained condi-
tion. Kaliakin et al. [45] discussed the determination of
the values from experimental data for Sacramento River
sand based on the tests carried out by Lee and Seed [46].
The column material was modeled as granular soil, in

'y

220m

Figure 3b. Cross-section of the finite-element model.
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Figure 4. 3D finite-element model.

line with the suggestions of Ambily and Gandhi [47].
The soft soil was idealized using the modified Cam Clay
(MCC) model. The MCC parameters considered in this
study were adopted from the geotechnical parameters of
soft Kebun clay soil encountered in a recent soft-ground
improvement project [43]. Khabbazian et al. [37] stated
that the use of the MCC model is preferable over the
Mohr-Coulomb or linear elastic models, in that it allows
a more accurate modeling of the behavior of the soft soil.

The geosynthetics used for both the reinforcement and
the encasement were modeled as linear elastic material
with no bending stiffness, as recommended by Muru-
gesan and Rajagopal [19] and Liu et al. 2007 [13]. The
stiffness of the geosynthetic reinforcement (J=EA) was
determined as the tensile force at 3% elongation divided
by that elongation (3%). Perfect adhesion between the

stone and the surrounding soil were assumed, and thus
interface elements with a rigid interface were used at the
interfaces of either the stone column and the encasement,
or the encasement and the soft clay [22, 23]. In fact, a
large number of researchers have been investigating so
much to characterize the interface working mechanism
and propose fruitful achievements on the constitute
models of the soil-geosynthetic interface. The parameters
used in the numerical analyses are summarized in Table 1.

Stone columns are installed using vibro-displacement
and vibro-replacement methods. The stone material is
laterally expanded, which is accompanied by an increase
in the horizontal earth pressure and the excess pore-water
pressure in the soft soil during and after the column’s
installation. However, any influence related to the instal-
lation of the columns was disregarded in this study.

Table 1. Material parameters used in the numerical analyses.

Column Material Embankment Fill Working Platform
. Soft Clay
Parameter Stone Soil Sacramento Sacramento Kebun Cla
(Ambily and Gan- River Sand River Sand (Raju 1 997);
dhi 2007) (Kaliakin 2012) (Kaliakin 2012) )
Model Type Mohr-Coulomb Mohr-Coulomb Mohr-Coulomb Modified Cam Clay
Unit Weight, y(kN/m?) 24 22.5 20 15
Effective Friction Angle, ¢'(°) 42 36 32 -
Effective Cohesion, ¢'(kPa) 1 1 1 -
Dilation Angle, ¢'(°) 10 4 3 -
Elastic Modulus, E(kPa) 55000 20000 15000 -
Poisson’s Ratio, v 0.3 0.3 0.3 0.3
Slope of Swelling Line, K - - - 0.02
Slope of the Virgin Consolidation
. - - - 0.4
Line, A
Void Ratio at Unit Pressure, e - - - 1.0
Slope of the Critical State Line, M - - - 1.0
Permeability, k(m/s) 1x1072 1x10°3 1x10°3 1x10°°
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In order to cover all the cases in the embankment-
-construction scenarios, parameters such as the
embankment height (H), column-encasement stiffness
(Jg), and basal reinforcement stiffness (J) were varied,
as summarized in Table 2.

Table 2. Parameters evaluated in the parametric analyses.

3. RESULTS OF THE PARAMETRIC STUDY

Parameter

Embankment Height,
H (m)

Geogrid Reinforcement

Stiffness, J (KN/m) 1000 2000 3500 5000 6500

Column Length, L¢ (m) 16

Geotextile Encasement

Stiffness, J;; (kN/m) 500 1000 1500 2000 2500

For the case of the 8-m-high embankment, the critical
length of a floating column according to the analytical
equation developed by Satibi [40] was determined as 15
m. Based on this critical length, the lengths of the colu-
mns are determined to be 16 m (Lc=16m) for the whole
parametric study. A comparison is made of the surface
settlement of the column and the soft soil, the column
bulging, the vertical stresses on the floating column
(Lc=16m) and the soft soil, and the tangential force in
the geogrid reinforcement.

A similar parametric study with several variables for
reinforced shallow foundations was performed by Jelusi¢
and Zlender [48, 49].

920

The results of the parametric study evaluating the vari-
ation of the embankment height, column encasement
and basal reinforcement stiffnesses were categorized
according to the effects on the stress strain behavior of
the GRCSE in the following subsections.

3.1 Surface settlement

Fig. 5 shows the surface-settlement behavior of the enca-
sed columns and the soft soil for different unreinforced
embankment cases. The results reveal a significant
decrease in the settlement with the encasement, which

is thought to be a direct consequence of the column
bulging reduction by additional confining pressure
produced by the geotextile encasement along the column
length. It is also clear that an increase in the stiffness of
the encasement improves the performance of the GEC.

The settlement curves (Fig. 5) also indicate that
geotextile encasement reduces the total settlement, but
generates some differential settlement. The soft soil
closer to the embankment centerline is subjected to
greater vertical stresses when compared to the soil near
the embankment edges, leading the settlement values

to decrease with the distance from the centerline of the
embankment. The value of the maximum settlement

of the column close to the middle is about 30 percent
greater than that of the column near the edge. The settle-
ment response of the GECs also depends strongly on the
surcharge from the embankment’s self-weight. When
the embankment height is less than 4.0 m (H < 4 m), the
surface settlements are small.
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Figure 5a. Settlement profile at the base of the embankment; H=2m.
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The settlement-reduction factor ( = ratio of the settle-
ment for stabilized soft clay over the settlement of untre-
ated soft clay) is almost equal to 0.82 (H=2 m) when

the encased column (Jg=500 kN/m) is used. For H=2

m, the average settlement value on the soil decreases

by 17 percent, and on the column by 18 percent. As the
stiffness value of the encasement increases, 5 decreases
to 0.49. For small stiffness values of the encasement (Jg <
1500kN/m), B decreases gradually, while for higher stiff-
ness values, it remains approximately constant (Fig. 6).

Fig. 7 illustrates the surface-settlement behavior of the
encased columns (Jy=500kN/m) and the soft soil in

the case of the reinforced embankment base. For H=2
m, the settlement value of the soil in the center of the
embankment decreased from 15.8 cm to 10.4 cm, and
of the column from 11.8 cm to 7.8 cm. The results show
that the surface-settlement values of the soft soil and the
column with the base reinforcement reduced by 35 and
34 percent, respectively. Keeping the stiffness value of
the encasement constant, if the reinforcement stiffness
increases, the settlement value decreases, as would be
expected. For low stiffness values of the basal reinforce-
ment, the settlement value decreases much more signi-
ficantly, while for higher values, the settlement change
becomes less noticeable and remains approximately
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constant. This means that although the geogrid has a
positive effect on reducing the settlement of the soft soil
beneath the embankment, this effect does not increase as
the stiffness of the geogrid increases.

3.2 Lateral displacement of the columns

An encased column offers greater resistance to bulging
as a result of the mobilized tangential stresses in the

geotextile; consequently, higher stresses are transferred
to greater depths, resulting in a decrease in the bulging

Lateral Displacement (mm)

[24-26]. The lateral displacements of the SC and GEC
with different encasement-stiftness values under
different surcharges are shown in Fig. 8. The column

is displaced laterally within the soft soil as a result of
loading, especially in the upper part. For H=2m, the

SC exhibits considerable lateral bulging (12.4 mm),
whereas the maximum lateral bulging of the GEC is
limited (1.5 mm). However, after a depth of 1D, the GEC
experienced more lateral displacement than the SC. This
is attributed to the column confinement and the stress
redistribution within the GEC [30].

Lateral Displacement (mm)

20 30 40 20 30 40
0 ‘ ‘ : 0 & : : ‘
1 1 T -7
2 2 -
3 H=2m 3 H=4m
4 Lc=16m 4 L=16m
5 Jo= 0 kN/m 5 Jo= 0 kN/m
6 6
g £
£ 8 —o— ;=500 kN/m £ —o— J;=500 kN/m
a9 8 o9
10 —0— J,=1000 kN/m 10 —o— 1,=1000 kN/m
11 —— 1;=1500 kN/m 1 —a— 1;=1500 kN/m
12 12
5 | —— 1,=2000 kN/m = —— 1;=2000 kN/m
14 - —%— 1;=2500 kN/m 14 —%— 1g=2500 kN/m
15 15
16 - == 16 -=-5C

Figure 8a. Lateral displacement distribution of the columns at
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the end of the consolidation; H=8m.
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Fig. 8 also shows that increasing the encasement stiffness
up to 1500 kN/m results in a decrease in the lateral
displacement; however, for higher stiffness values, the
change in the lateral displacement is insignificant. It

is clear that the bulging along the column increases

with increasing load, causing more stress transfer to

the lower depths during consolidation. For a relatively
low embankment height, the bulging occurs mainly

in the upper 1.5D zone. As the embankment height
increases, the bulging zone extends downwards, with the
maximum lateral displacement occurring at 8D below
the top of the column. This finding is noteworthy, in that
other researchers have previously attempted to find a
specific value for the optimum length of the geosynthetic
[24, 25]. This trend shows that an efficient design for an
optimum encasement depth is related to the surcharge
from the embankment, the column and the soft soil
properties, and so full encasement could be necessary to
ensure a bulging reduction.

3.3 Vertical stress below the embankment

After the completion of the construction, vertical stres-
ses on the soft soil decrease with consolidation as a result
of the redistribution of the forces. In contrast, vertical
stresses on the encased columns continue to an increase
during consolidation. This load transfer from the soil

to the column can be quantified using a stress-concen-
tration ratio (SCR), defined as the ratio of an average
vertical stress on top of a column to the average vertical
stress on the top of soft soil. The SCR plays a substantial
role in reducing the stress in the soil, which leads to

35

the settlement reduction. As the degree of load transfer
between the column and the soil depends largely on

the stiffness ratio between the column and the subsoil,
the SCR can be expected to be larger for a GEC than

for a SC. Experimental studies made on non-encased
columns [21] demonstrate that the SCR on the whole
varies between 2 and 3, but can reach 20 in some cases of
geosynthetic-encased granular columns. Typical repor-
ted values of the SCR for piled embankments (without
geogrid reinforcement) range from 1 to 8 [50, 51]; howe-
ver, the calculated SCR in this study varies between 1.2
and 3.2, which contradicts previous studies [22, 23, 25].
This value can be explained by means of using the sand-
-working platform instead of applying the embankment
load directly onto the soft soil. The presence of the sand
working platform, the higher the embankment transfer
from the embankment to the surrounding soil, a result
of which is that the SCR remains lower than expected.
The relationship between the SCR and the reinforcement
stiffness is presented in Fig. 9.

As can be seen from Fig. 9, the vertical stresses on both
the encased column and the surrounding soil increase
as the embankment height increases, and the rate of

the increase is higher for a reinforced case, pointing

to the fact that basal reinforcement is highly effective

in promoting the arching. The effect of reinforcement
(referring to reinforcement stiffness) becomes more
remarkable when the surcharge is greater. British Stan-
dard BS8006-1:2010 “Code of practice for strengthened/
reinforced soil and other fills” implements the design for
a geosynthetic reinforced-pile-supported embankment
to evaluate the stress-reduction ratio, which represents
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Figure 9. Variation of the stress-concentration ratio load intensity relative to the reinforcement stiffness.
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the portion of the load from the embankment on to than that below the geogrid, and this effect helps the
geosynthetics and between the piles. The computation transfer the loads to the columns. The calculated tension
considers factors such as the column (pile) diameter, the forces along the geogrid layer decrease as the distance
column spacing, the embankment fill height, the unit from the centerline of the embankment increases (Fig.
weight of fill used, the friction angle of the embankment 10).

and the stiftness of the geosynthetic.

The maximum computed acting force is only around

20% of the design strength of the geogrid, and this small
3.4 Tension force in the basal reinforcement force is consistent with the relatively small computed
differential settlement between the column and the soil.
The maximum tension force in the geogrid increases
with its tensile stiffness (Fig. 11). The largest strain of the
geogrid is 3%, which is in accordance with the suggested
strain values [52, 53].

When the soft soil settles in between the columns, the
geogrid reinforcement layer elongates, resulting in a
tension force that reduces the net pressure on the soft
soil. The vertical stress above the geogrid layer is greater
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Figure 10. Distribution of the tension force along the geogrid layer (H=2m, Jg=500kN/m, Jg=6500kN/m).
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4 CONCLUSIONS

This paper presents a numerical analysis of hypothe-
tical reinforced embankments supported by floating
geosynthetic-encased columns. The effects of the basal
geogrid reinforcement and the geotextile encasement
on the long-term behavior of the modelled geosynthe-
tic reinforced and column-supported embankments
are investigated. The following conclusions can be
drawn:

1) Surface settlements on both the columns and the soft
soil depend on the embankment height.

2) Encasement offers to the columns an increase in
the radial stiffness, resulting in a decrease in the
columns’ bulging. An increase in the encasement
stiffness results in a decrease in the lateral column
displacement; however, when the stiffness exceeds
a certain limiting value, which depends on several
aspects, any further decrease in the lateral displa-
cement becomes insignificant. The bulging along
the column increases with increasing load, and the
bulging zone extends downwards to greater depths
during the consolidation. This trend shows that the
efficiency of the encasement length is related to the
surcharge and the strength properties of the column
and the soil.

3) The higher is the stiffness of the basal geogrid rein-
forcement, the higher is the settlements reduction;
however, this relationship is non-linear and similarly
like for the encasement stiffness, there is a certain
limiting stiffness above which the settlement reduc-
tion becomes insignificant.

4) The calculated stress-concentration ratio (SCR) is
lower than that recorded in previous studies, which
can be attributed to the level of the contribution of
the area-replacement ratio, the sand working plat-
form thickness to the column spacing ratio and the
fact that the columns are floating and not supported
firmly on the base.

5) The maximum computed tensile force in the basal
geogrid is consistent with the relatively low compu-
ted differential settlement between the columns
and the soil. The calculated tensile forces along
the geogrid layer decrease as the distance from the
center of the embankment increases, i.e., as the
surcharge decreases. The maximum tensile force
in the geogrid increases in parallel with its tensile
stiffness.
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Abstract

The effects of temperature on the degree of grain crushing
and the stress-strain response of a granular soil subjected
to high stresses are a matter of interest for unconventional
geomechanical projects. As a part of a research program
on the thermo-hydro-mechanical-chemical compressibility
of quartz sand from a heavy oil reservoir, we have conduc-
ted a series of oedometric tests under dry conditions,

high stresses (up to 50 MPa) and constant temperatures,
ranging from 25 to 250°C. Acoustic emissions were
recorded throughout the tests, and SEM photomicrographs
of sieved grain-size fractions before and after the experi-
ments were analysed.

The results show that the temperature has a negligible
effect on the macroscopic compressibility, with similar
oedometric curves for all the tests. Conversely, the acou-
stic-emission counts drop off, and changes in the particle
size distribution are minor, though grains subjected at
high temperature show incipient fractures attributed to
subcritical cracking through stress-corrosion.

Kljuéne besede

stisljivost, drobljenje delcev, temperaturni uc¢inek, u¢inek
visokih obremenitev, rast mejne kriti¢ne razpoke

lzvlecek

Za nekonvencionalne geomehanske projekte je zanimiv
vpliv temperature na stopnjo drobljenja zrn in napeto-
stno-deformacijski odziv zrnatih zemljin, izpostavljenih
visokim obremenitvam. Kot del raziskovalnega programa
o termo-hidromehansko-kemijski stisljivosti kremeno-
vega peska iz tezkega naftnega rezervoarja so avtorji
izvedli serijo edometrskih preizkusov pri suhih pogojih,
visokih obremenitvah (do 50 MPa) in konstantnih
temperaturah v razponu od 25 do 250 °C. Med preizkusi
so bile zabeleZene akusticne emisije in analizirane SEM
fotomikrografije presejanih frakcij velikosti zrn pred in
po preizkusih

Rezultati kazejo, da ima temperatura zanemarljiv vpliv na
makroskopsko stisljivost, pri podobnih krivuljah stisljivosti
za vse preizkuse. Nasprotno pa Stevilo akusticnih emisij
upada in so spremembe v porazdelitvi velikosti delcev
manjse, ceprav zrna, izpostavljena visoki temperaturi,
kazejo zacetne lome, ki se pripisujejo mejnemu kriticnemu
razpokanju zaradi napetostne korozije.
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Thus, the compressibility of the samples tested at high

and low temperatures can be explained within the same
grain-scale mechanisms of cracking: critical rapid Herzian
crack growth, at low temperatures, and subcritical silent
crack growth by stress-corrosion, at the higher temperatu-
res.

1 INTRODUCTION

Tako lahko stisljivost vzorcev, preizkusenih pri visokih in
nizkih temperaturah, razloZimo z enakimi mehanizmi
razpokanja v velikosti zrna: kriticna hitra Hertzianova
razpoka raste pri nizkih temperaturah, medtem, ko mejna
kriticna tiha razpoka zaradi napetostne korozije raste pri
visjih temperaturah.

2 PURPOSE AND EXPERIMENTAL PROGRAM

While geotechnical practice does not typically require

a knowledge of temperature effects, emerging geoen-
vironmental and geomechanical applications require a
knowledge of the grain crushing in soils and granular
materials under high stresses and temperatures. Exam-
ples of this kind are thermal oil recovery in petroleum
engineering, CO, capture and storage (CCS), storage of
radioactive waste and unconventional foundations or
structures.

The compressibility and crushing of quartz sand at high
pressures, considered either as an assembly of single
particles or as a bulk skeleton, have been examined using
compression (or oedometric) data for quartz sands,
plotted as e — logo, curves and the identification of a
stress threshold that leads to a steepening of its slope at
high stresses.

While large stresses have been achieved, the effects

of temperature on compressibility and grain cracking
require further study. The point of maximum curvature,
commonly known as the yield point, is a stress level that
marks the onset of particle crushing. Particle rearrange-
ment and packing are the main sources of strains at low
loads (conventional geotechnics); as the stress increases,
the early asperity damage leads to particle splitting.
Beyond that stress threshold, the compression curve fits
into a linear relationship in the semi-log plot, called the
normal (or virgin) compression line [1-5], which can

be thought of as a "degenerated-by-crushing" normal
compression line (provided the tests can be carried

out at room temperature), in contrast to the classic
concepts.

The initial void ratio, grain shape, size, and grading
govern the compressibility of quartz sands and, particu-
larly, the yield point [5-11]. The high rates of loading
intensify the grain crushing as well [12-17].

Related processes have been dealt with, on the one hand,
in the scope of Earth Sciences, such as the diagenetic
compaction of natural sediments [18-24] and the behav-
iour of cataclastic zones [25].
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Here, we examine the coupled thermo-hydro-mechano-
chemical response of quartz sand, saturated with brine
and oil, and apply the results to reservoirs in the Orinoco
Heavy Oil Belt of Venezuela. A series of 20 compression
tests at high stresses (up to 50 MPa) were performed
over a range of constant temperature (from 25 to 250°C)
in a special oedometric apparatus. Dry conditions were
required to assess the effect of the temperature on the
sand compressibility at high stresses. In addition, acoustic
emissions (AEs) were recorded throughout the oedo-
metric tests, since crushing is the basic acoustic source
expected. The samples were examined using a scanning
electron microscope (SEM) and an optical microscope.

3 MECHANICAL RESPONSE OF SAND
AGGREGATES

When a sand aggregate is subjected to high stresses at
room temperature in an oedometric cell, three compres-
sional curvatures or stages can be distinguished along the
oedometric curve, as shown in Fig. 1, from [26, 27 and 28].

Particle rearrangement, Stage |

The curvature of the oedometric curve in this stage
accounts for the primary compressibility, caused by
particle rearrangement, up to the maximum particle
packing. Despite the highly constrained conditions of
the oedometric cell (radial strains remain zero), the
maximum density (maximum packing) is reached as
long as the vertical stress is raised up to an intermediate
level (5-10 MPa). Hence, the curvature and the slope
during this stage depend on the original grain size distri-
bution, the grain morphology and the initial void ratio.

Yield point, Stage Il

Once the maximum particle packing is reached, the
potential grain movement is completely frustrated and
blocked; this state is commonly known as the yield
point. The applied stresses are transmitted as discrete
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Figure 1. Oedometric curves of quartz sand at high stresses and room temperature (from [26, 27 and 28]).

forces along the grain contacts within the soil skeleton
[29]. Therefore, further strains can only occur as a result
of particle crushing, which can be addressed appropri-
ately with the concurrence of the following theories.

Hertzian contact theory and critical pressure

Macroscopic yielding depends on the crack initiation at
loaded grains and can be examined on the scale of indi-
vidual contacts between pairs of grains according to the
Hertzian theory for loaded spherical bodies. The contact
area of the loaded spherical bodies is circular and its
radius %) depends on the normal force applied (F,,),
the grain radii (R) and the Young’s moduli (E), given by
Equation 1 for two identical grains (adapted from [30]).

/
G O

Even though relevant research efforts in the field of
granular media have been made during the past decade
to establish the relationship between the macroscale
("Terzaghian" effective) stresses and the microscale
(particulate level) stresses, the simplified equation for
monosized spheres (Eq. 2) suffices for the purpose of
the current research [31 and 32]. The total normal force
applied at the contact (F,;) can be expressed as a function
of the grain size (d), the normal applied stress (¢) and
the void ratio (e).

5 m(1+e)?

Fn =o0(d) 0 (2)

The mean intergranular stress at the grain contacts (0;,,)
can be expressed according to Equation 3.

%FQQJ ©

Taking into account that the intergranular stress is
several orders of magnitude higher than its correspond-
ing effective stress, grains are likely to crush beyond the
yield point (with intergranular stresses in the range of
1GPa), leading to a reduction of the mean grain size and
the production of fines.

The Hertzian maximum tensile radial stress at the
contact (o;) reaches its maximum value at the edge of the
circular contact area.
1-2v)0;
O_t — ( )Umt ( 4)

2
The Mode-I stress-intensity factor governs the develop-
ment of this kind of cracking at the tip of the crack [33],
K}, and follows equation 5 [33 and 34], where c is the
length of a pre-existing flaw.

K, =112 o,Vmc (5)

The crack growth that can ultimately cause the grain fail-
ure will only occur if the stress-intensity factor on the tip
of the crack reaches the value of the fracture toughness.

Ki=Kic 6)

Thus, if the Hertzian and the fracture-mechanics models
are combined, the pressure of breakage (P,,) [13] can be
obtained, which depends on the grain radius, the elastic
parameters (E and v), the porosity (1), or the void ratio,
and the properties of the fracture mechanics (Kj¢, the
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fracture toughness and c, the length of the initial pre-
existing flaw).

PCT

1-v2)° (K;0\3 =
: =2.2§1_;33 (f) (aR)z (7

[
a=- (8
Since « is approximately 3.6x10° for most porous soils
[13] and the range of variation of porosity (or void ratio)
is relatively narrow, the onset of grain crushing, i.e.,
when o, reaches P,,, is just a function of the grain radius.
Thus, the coarser the grains are, the lower the critical
pressure of breakage.

Note that, leaving the formulation itself aside, the
smaller the particles, the lower the likelihood of the
presence of a pre-existing flaw and, therefore, any
further development of the crushing.

The microscopic and the macroscopic realms can be
connected, and the tensile stress on a particle embedded
in a soil matrix due to the normal stress depends on the
void ratio [32].

o
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Moreover, Field [34], who studied granular assemblies
of rounded stones with different sizes and gradings,
concluded that the coordination number (the aver-
age number of contact points per particle, C,) varies
inversely with the void ratio, as shown in Equation 10.

12
o = 1te (10)

Hence, the tensile stress on a particle in a soil matrix
decreases, as shown Equation 11, as the coordination
number increases.

2 %
o, —GEC—n] (11)

Particle breakage and interparticle slip (no thermally
induced effect), Stage |ll

From the moment the overloaded particles start to
break, a crushing knock-on effect is triggered, and the
compressibility curve shifts to a steeper “degenerated-
by-crushing" virgin compression line due to particle
crushing and interparticle slip.

Uniform soils made up of coarse particles are more prone
to crushing than soils made of finer particles of the same
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/
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Figure 2. SEM photomicrographs of 8 sieved fractions after cleaning.
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material [3, 6,7, 9 and 10]. Likewise, angular particles

are more crushable than rounded particles [3, 7 and 9] as
their intergranular stresses tend to be more localised and
the asperities favour the locking effect, preventing further
packing. Besides, uniform soils exhibit more crushing than

well-graded soils having the same maximum size [3 and 9].

Much of our understanding of the compressibility

of sand aggregates is restricted to room-temperature
loading. This paper takes the theoretical framework of
room-temperature compaction, and we examined the
compaction at higher temperatures.

4 MATERIAL AND METHODS

4.1 Quartz-sand preparation and characterisation

The sand samples were retrieved from an oil well at a
depth of approximately 1000 m. They are fine-grained
(D5¢p=210 um), uniform (c,=1.8), uncemented sands,
composed of quartz. Prior to testing, oil and any other
impurities were removed according to the following

thin-walled
sample holder
Al-6063-T5

sand placed at its
loosest state

cleaning guidelines: thorough acid-washing (36 wt. %
HCI); rinsing with deionised water, and re-washing (96
wt. % ethylic alcohol). Finally, the sand samples were
oven-dried. The SEM photomicrographs of 8 different
sieved fractions after cleaning are shown in Fig. 2. The
photomicrographs suggest that the coarser fractions
contain sub-rounded grains and that grains with finer
fractions consist of sharp angular particles.

4.2 Sample preparation and description of the
oedometric apparatus

The sand samples were poured into a thin-walled (1.3
mm) sample holder of 40 mm outer diameter (OD). The
sand was meant to be placed in its loosest state and a
target height of 12 mm, although a settling pressure of
0.2 MPa was applied before testing for the sake of sample
homogenization. Even though a strict procedure of
placement of the sand was followed, some scattering of
the initial void ratio (from 0.72 to 0.85) was unavoidable.
Nevertheless, as will be shown, this variation had little
effect on the compressibility at high stresses (beyond the
yield point). Fig. 3 illustrates the sample preparation.

ID=37.4 mm e=1.3mm OD=40 mm

1-mm thick
perforated SST discs
on top and bottom

/ of the sample holder

filter papers between sand and discs

Figure 3. Sample preparation of the one-dimensional compression tests.
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Figure 4. One-dimensional compression (oedometric)
apparatus during testing.

The sample holder is fitted into an oedometric cell

that consists of a stainless-steel cylinder with a
24.5-mm-thick wall. The oedometric cell is placed in a
rigid load frame (Fig. 4). The axial load is applied by a
servo-controlled hydraulic jack, acting at the selected
loading rate. The axial displacement is measured by two
external, averaged, LDT-type transducers, whereas the
axial load is recorded by the built-in data-acquisition
system of the hydraulic jack. Two band heaters are used
to raise the temperature and keep it constant during
the tests. They are connected to a PID temperature
controller, and a PT100 sensor located in the middle of
the inner cell wall was used. When necessary, thermal
isolation blocks are placed around the cell (Fig. 5). A
PAC-Micro200HF wideband acoustic emission sensor
attached to the ram of the hydraulic jack records the
acoustic events occurring within the sample (basically,
crushing counts). The data are recorded with a Physical
Acoustics Co. PCI-2 and the software AEwin for PCI
r.2.1. As the sensor withstands just up to 177°C, acoustic
emissions (AEs) data were recorded only for the tests at
temperatures not exceeding 150°C.

4.3 Calibration for high temperatures and stresses

Several calibrations were carried out. An additional
PT100 was required for the calibration of the tempera-

hydraulic jack e

Load cell
(300 kN)

Load frame

PT-100
Thermometer

band

heater

LDT
(50 mm)

thermal
isolation
block

Sample holder

Figure 5. Layout of the oedometric apparatus.
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ture. In the first stage of the temperature rise (from 25 il e 25
to 109°C), an axial thermal expansion of 0.176 mm
was recorded over the initial length (140.2 mm), while Bisis
in a second stage (from 109 to 223°C), this expansion Tt
reached 0.284 mm.
070 |
Displacements were determined for the whole mechani- -
cal assembly (250 mm in height, including the load
column) caused by the application of axial stress (from 060 |

0.1 to 50 MPa). A shortening of 0.613 mm was measured
at 109°C, while a shortening of 0.534 was measured I
at 223°C. This difference in shortening (0.09 m) is 0,50
attributed to the differential fitting of the O-rings into
the oedometric cell. These calibration measurements

yielded the linear thermal expansion coefficients, and 0,40
the Young’s moduli of the parts (perforated steel discs,
positioning reference blocks, steel compression platens
and refractory ceramic blocks to protect the load cell).

void ratio, e

e
0,3 1 10 100

vertical stress (MPa)

4.4 Stress paths of the oedometric tests Figure 6. Representative oedometric curves for temperatures
from 25 to 250°C.

Prior to any loading, the sand samples were heated up to

the target temperature. Once the samples reached it, the
axial load was applied in three stages: Table 1. Compression indexes and swelling indexes for all the
tests carried out.

- a10-step monotonic loading (0.2/1/2/3/4/6/ LOAD _ UNLOAD

10/15/20/25/ 30 MPa); TEST T (°C)
- a4-step unloading/reloading loop (30 /10/1/30/ Ce s
50 MPa); i EDO-1 0.310 0.038
- a4-step monotonic unloading (50 /30/15/5/1 § EDO-2 0.279 0.035
MPa). N EDO-5 0.273 0.033
o & EDO-6 0.288 0.033
Each step of the loading increase or decrease was = ————— 25
. . L = EDO-7 0.286 0.030
reached in seconds or a few minutes and maintained = _—
for 90 minutes. Hence, a whole oedometric test took § __EDO-8 0.291 0.038
approximately 28 h. E ~ EDO-9 0.299 0.039
= EDO-10 0.309 0.038
S EDO-11 50 0.332 0.038
5 RESULTS = EDO-12 60 0.257 0.030
Fig. 6 shows 3 characteristic oedometric curves at differ- TEST T ¢C) LOAD  UNLOAD
ent temperatures (25, 100 and 150°C) in which the AE c. Cs
data were recorded during the tests. Additionally, an EDO-13 0.306 0.032
. o i ittt
oedometric curve at 250°C is m?lu.ded., even though the EDO-14 0.332 0.038
AE are not available due to the limitations of the sensor. =) 100
S EDO-15 0.329 0.038
5
Compression curves show variations in the void ratio for S EDO-16 0.332 0.038
the yield point followed by similar slopes, irrespective of ) EDO-17 0.229 0.036
the temperature of testing or the initial void ratio. Thus, E EDO-18 150 0.287 0.037
Tabﬁ:. 1 st.m&marises lt)he.co:inf:)ressﬁoil1 indzx (co) a.nd the ; EDO-19 0.332 0.038
swe 'mg index (cs) obtained for a. .t e.oe ometric tests E EDO-20 0276 0.037
carried out. The average compression index reached T ———— 200
¢.=0.294 with a coefficient of variation as low as 0.1. EDO-21 0.281 0.037
These results compare reasonably well with those avail- EDO-22 250 0.249 0.032
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Figure 7. Acoustic emission data.

able in the literature [15, 27, 36 and 37]. In addition, the
average swelling index ¢,=0.036 is characteristic of the
whole range of unloading to within 0.08.

Despite the similar results in the compaction and
unloading results, the AE counts measured during the
tests show a significant variation (Fig. 7). AEs at higher
temperatures 1) are most frequent at the start of each
loading ramp, 2) decay in frequency exponentially with
time at each loading step, 3) are rare during unloading,
and 4) exhibit lower counts at higher temperatures.

Such observations, together with the results of the grain
size distributions before and after the tests (see Fig. 8),
leave little doubt that the AEs correspond to the crush-
ing events during the tests.

The tests carried out at room temperature underwent
substantial grain failure: as shown in Fig. 8, the fines
content increased from 18 even up to 55% and Ds, (the
grain size of the sand particles at 50% in the cumulative
distribution) reduced in some cases by more than 50%.
In contrast, the samples tested at higher temperatures
revealed minor grain failure.

Finally, AEs prove to be useful for narrowing down the
yield point. In this case, as the AE activity intensifies at
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Figure 8. Grain size distribution curves before and after testing.

the range of 10 MPa, it appears reasonable to establish
the yield point in that load step. Hence, according to
Equation 7, a coordination number of 7.6 + 0.5 at the
yield point can be accepted. That range matches the
expected value for dense sands 7.7 (C,==7.7 for the
maximum dry density considered = 1700 kg/cm? and
equivalent to a porosity = 36%).
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6 DISCUSSION

If the test temperature is raised, the macroscopic

sand compressibility beyond the yield point remains
unaffected, the AE activity decays, and changes in the
particle size distribution are negligible. Therefore, it
seems that phenomena other than grain-scale mechani-
cal crushing alone must account for the compressibility
at high temperatures.

On the one hand, with an increase of the temperature,
the elastic parameters decrease [38] and so does the
stress level at the tip of a crack or flaw (Kj). On the other
hand, the fracture toughness, K¢, increases [39 and 40].
Both circumstances make Equation 6 unlikely to hold
and appears to be sufficient to explain the sharp decay
of the AEs and the null change of the grain size distribu-
tion.

However, an SEM analysis (photomicrographs) of the
sand grains, after being subjected to a stress of 14 MPa
(according to the yield point) and at 150°C, proves the
presence of incipient fractures, see Fig.9.

Furthermore, a detailed observation with an optical
microscope reveals that the quartz grains contain fluid
inclusions, not only in the syntaxial cement growth but
in the detrital grains as well, Fig.10. These fluid inclu-
sions are, in some cases, strongly aligned.

Detrital grain

Syntaxial

cement

L 200 um

Figure 9. Incipient cracks on quartz grains tested at 150°C.

Thus, fluid inclusions, that are themselves flaws in

the grain, seem to contribute to weakening its most
overstressed region by the chemical rupture of the Si-O
bonds. This process may counterbalance the decrease in
the stress level due to the temperature rise in Equation
6. Such a phenomenon, known as stress-corrosion, is
considered as the main mechanism of subcritical crack
growth.

Figure 10. Fluid inclusions in quartz grains.
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As a consequence, the subcritical crack growth rate, at
high temperatures, does not release enough energy to
generate sound waves (acoustic emissions), and some
counts drop off as a result. Conversely, at room tempera-
ture, as the grain failure occurs once the effective critical
stress for crushing is reached, the growth rate is faster,
and the fast release of energy generates sound waves
recorded as acoustic emissions.

7 CONCLUSIONS

Grain crushing is the fundamental source of the
compressibility of sands subjected to high stresses at
room temperature, although hardly any studies have
been devoted to the effect of temperature. The presented
oedometric tests revealed that the compressibility of
quartz sand beyond the yield point is not affected either
by the temperature or the initial void ratio; thus, all the
oedometric curves follow a reasonably similar compres-
sion pattern (c.=0.294 on average, with a coeflicient of
variation of 0.1).

Although the AE counts drop off and changes in

the particle size distribution are negligible when the
temperature is raised, the quartz grains subjected to high
temperatures and stresses (150°C and 14 MPa) show
incipient fractures.

A detailed study by optical microscope reveals fluid
inclusions in the detrital grains, which suggests that
subcritical crack growth may well be considered the
cracking process of the grains at high temperature
through stress-corrosion.

Finally, the fact that the compressibility remains unaf-
fected by the temperature can be attributed to a change
in the grain-scale mechanics: from critical rapid crack
growth, at low temperatures, to fluid-sensitive subcritical
cracking, at the higher temperatures, which is in good
agreement with related works [41].
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Abstract

In the present study, a footing resting on clayey slopes is
analysed using finite element analysis, and the results are
further used for predicting the bearing capacity of the
footing using statistical analyses. The absolute bearing
capacity increases with an increase in the embedment
depth of the footing, the edge distance and the soil undrai-
ned strength. However, the rate of increase of the bearing
capacity with the footing depth on the slope is, relatively,
less than the level ground. The critical edge distance is
found to increase with an increase in the embedment depth
of the footing and the slope inclination. In contrast to cohe-
sionless soil slopes, the critical edge distance decreases and
the bearing-capacity ratio increases with an increase in the
soil strength for a given slope geometry and footing depth.
The magnitude of the critical edge distance is found to vary
from 0.5 to 5 times the footing width in cohesive soil, which
is relatively very small when compared to cohesionless soil.
A number of differences have been observed between the
failure mechanism of a footing resting on a cohesive soil
slope and a cohesionless soil slope, which contributes to

the differences in their behaviour. The soil strength and the
slope inclination are found to be the two most important
factors affecting the bearing capacity of a footing on slopes.
The predicted values of the bearing capacity are compared
with the existing experimental and theoretical values.
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Kljuéne besede

razmerje nosilnosti, vezljiva zemljina, nevezljiva zemlji-
na, razdalja med robovi, temelj, naklon

lzvlecek

V tej Studiji je s pomocjo metode koncnih elementov
analiziran temelj na glinastih pobocjih. Rezultati analiz
so nato s pomocjo statisticnih analiz uporabljeni za
napovedovanje nosilnosti temeljev na pobocju. Absolutna
nosilnost narasca s povecanjem globine vpetja, razdalje
do roba pobocja in nedrenirane trdnosti zemljine.
Stopnja povecanja nosilnosti z globino vpetja na pobocju
je relativno manjsa kot pri temeljih na ravnih tleh.
Ugotovljeno je, da se kriticna razdalja do roba temelja
poveca s povecanjem globine vpetja temelja in naklona
poboéja. Za doloceno geometrijo pobocja in globino
osnove temelja, se, v nasprotju s pobocji nekoherentnih
zemljin, kriticna razdalja do roba zmanjsuje in razmerje
nosilnosti naraséa s povecanjem trdnosti tal. Ugotovljeno
je tudi, da se obseg kriticne razdalje do roba giblje od
0,5 do 5-kratne Sirine temelja v vezljivi zemlji, kar je

v primerjavi z nevezljivo zemljino relativno majhno.
Ugotovljene so bile stevilne razlike med porusnim meha-
nizmom temelja na piobolju iz vezljivih in nevezljivih
zemljin, ki prispevajo k razlikam v obnasanju tal. Nada-
lje je ugotovljeno, da sta trdnost tal in naklon pobocja
najpomembnejsa dejavnika, ki vplivata na nosilnost
temelja na pobocju. Napovedane vrednosti nosilnosti

so bile primerjane z obstojecimi eksperimentalnimi in
teoreticnimi vrednostmi.
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1 INTRODUCTION

A foundation located on a slope or adjacent to a slope
crest possesses a lower bearing capacity than level ground
as it lacks the confinement from the slope side. Footings
resting precisely on the slope crest possess the minimum
bearing capacity [1]. However, the bearing capacity
improves with an increase in the edge distance (b)
between the footing and the slope crest, an increase in the
soil strength and also with an increase of the embedment
depth of the footing [1].

The majority of earlier studies were carried out on
cohesionless soil. The range of critical edge distances

is found to vary from 2 to 12 times the footing width
(B) in cohesionless soils [2-3]. A number of studies
investigated the footing resting adjacent to cohesive
slopes. Meyerhof [1] assumed a uniform mobilization of
the soil on the slope side and the level side, and found
that the critical edge distance ranged from B to 4.5B.
Kusakabe et al. [4] found that ¢,/(yB) is an important
factor affecting the bearing capacity and the failure
mechanism. In a few cases the critical edge distance
was found to be more than 5B. DeSimone [5] used a
boundary integral equation to study the bearing capacity
of the footing on a clay slope without considering the
effect of the edge distance in the analysis. Jao et al. [6]
found that the effect of the slope inclination and the
edge distance is relatively less in purely cohesive soils
than in silty clay and cohesionless soil. Georgiadis [7]
analyzed the cohesive soil slope using an upper-bound
analysis and found the critical edge distance to be 2B
without a consideration of the slope height. Al-Jubair

& Abbas [8] and Abbas and Sabbar [9] used 2D Plaxis
and observed that the influence of the slope became
insignificant at an edge distance of 1.5B. Georgiadis and
Chrysouli [10] varied the edge distance from 0 to B and
found that the bearing capacity decreases linearly with
the horizontal seismic acceleration. Gill et al. [11-12]
found that the efficiency of the reinforcement reduces
with an increase in the edge distance. Farzaneh et al. [13]
determined the seismic bearing capacity of a footing on
a slope for a maximum edge distance of 1B. Mirzababaei
et al. [14] also constrained the edge distance to 3B. Luo
and Bathurst [15] performed a reliability analysis for
the bearing capacity of a footing resting on a cohesive
slope crest. Baazouzi et al. [16-17] determined the effect
of slope inclination on the undrained bearing capacity.
Aminpour et al. [18] determined the effect of surcharge
loading slope behaviour. Acharya and Dey [19] found
the critical edge distance to be 4B in ¢-¢ soils for an
isolated footing. Leshchinsky and Xie [20] analysed a
number of cases of a footing resting on a c-¢ slope, but
the edge distance was not determined in the analysis.

Acharya and Dey [21] developed an interaction mecha-
nism for a multiple footing resting on a slope based on
a displacement pattern. A number of studies have also
been carried out to analyse cohesive soil slopes using
soft computing [19, 22-24]. However, most of these stud-
ies are limited to a determination of the slope’s stability.
It is observed from the literature that a consensus over
the critical edge distance is also missing in the case of
a footing resting over a cohesive slope. In the majority
of studies the edge distance was found to vary from B
to 3B. However, some studies found the values to be on
the very high side. Kusakabe et al. [4] and Meyerhof [1]
found this distance to be approximately 4B-5B. Zhao
and Wei [25] found that the bearing capacity is increas-
ing continuously, even up to an edge distance of 10B.
However, these values cannot be considered as a true
value of the critical edge distance as most of the studies
were limited to a particular soil and a limited range of
other parameters. The surcharge loading is triangular
on the slope side; however, most of the earlier studies
considered it as a uniform loading.

In this study, a series of finite element analyses were
performed to determine the effect of various factors,
such as the slope geometry, soil strength, edge distance,
and embedment depth on the bearing capacity of a foot-
ing resting on cohesive soil slopes. The differences in the
failure mechanism of a footing resting on clayey soil and
cohesionless soil are identified and presented in detail.
The use of conventional limit equilibrium methods

to determine the bearing capacity is time consuming.
Therefore, a limit analysis has been used in the present
study. Additionally, a nonlinear multiple regression anal-
ysis (NMRA) and an artificial neural network (ANN)
have been used to predict the bearing capacity factor as
well as the BCR. The predicted values are compared with
the earlier theoretical and experimental studies.

2 NUMERICAL MODELLING OF THE PROBLEM

The finite-element program OptumG?2 [26] was used
to perform the analysis. A typical model used in the
analysis is presented in Fig. 1. A horizontal displace-
ment is not allowed along the vertical boundary and no
displacement is allowed along the bottom boundary.
However, along the slope edge, the displacement is
allowed in both the directions. The gradient of the soil
slope is kept uniform throughout the slope. Based on
the edge distance and the slope geometry, the area of
the domain was selected as large enough to avoid the
boundary effect. The minimum height and width of the
domain are restricted to 8B and 16B, respectively. The
width domain is increased to 25B on gentle slopes. A
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Figure 1. Representation of the foundation and the slope with

boundary conditions.

number of iterations were performed to achieve stable
results, and in every iteration the mesh was re-refined in
the critical area to avoid the unnecessary refining of the
mesh all over the domain area.

The strip footing has been modeled as a “plate” element.
Under the plain-strain condition, the elastic plate element
behaves like a standard Euler-Bernoulli beam element.

To model the rigid footing, the stiffness of the plate has

to be kept very high, compared to the soil. The clay was
modelled using the elastic/perfectly-plastic Mohr-Coulomb
model. The unconfined strength of the soil is assumed to
be constant throughout the depth of the soil strata.

Three type of elements, namely, three-noded triangular
elements for the lower bound analysis, six-node trian-
gular elements for the upper bound, and a 15-node
mixed Gauss element were used to model the soil. The
lower-bound (UB) analysis follows the formulation of
Makrodimopoulos and Martin [27-28], and the upper
bound (UB) follows the formulation of Krabbenhaft

et al. [29-30] in association with second-order cone
programming. The lower-bound element of the three
nodes uses a linear change in the stresses between the
junction nodes. The lower-bound elements are linked
by two zero-thickness elements to produce the statically
admissible stress discontinuity between the junction
nodes. For the maximum lower bound limit, the collapse
load is evaluated by finding a collapse load that satisfies
a statically admissible stress field defined by the stress
equilibrium equations for triangular elements. Similar to
the lower-bound element, the six-nodded upper-bound
element uses the linear interpolation of the stresses,
while unknown displacements were determined using
quadratic interpolation. The displacements are continu-
ous between the elements. The minimum upper-bound
limit load satisfies a kinematic velocity field defined by
the compatibility and the associated flow-rule equations
for triangular elements and velocity discontinuities
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for soil-skirt interfaces. It is observed that the 15-node
mixed Gauss element gives results very close to the aver-
age of the UB and LB analyses. Therefore, the analysis
was carried out on a 15-node mixed Gauss element.

A total 5000 elements were initially used in the domain
and this was increased to 70,000 in the final iteration.
The element uses a cubic interpolation and quartic inter-
polation functions for the stresses and displacements,
respectively. The footing is modeled as a perfectly rigid
plate, which possesses an infinite stiffness. The six-node
zero-thickness element was used to model the interface
of the soil and the footing. The interface factor value
was varied from 0.5 to 1, to consider the effect of the
roughness of the footing. The interface factor is assumed
to be 0 for a footing with a perfectly rough base. It was
observed that the bearing capacity of a footing resting
on a clay slope is changing noticeably with the interface-
factor value. However, the change in BCR with the
interface friction is very small.

The loading was applied in terms of a load multiplier
directly over the footing, and it is increased continuously
until the bearing capacity failure Before performing the
bearing capacity analysis, a slope-stability analysis was
performed to check the stability of the slope. The present
study determined the bearing capacity considering the
ultimate failure of the footing. Therefore, the settlement
criterion has not been considered in the present study due
to the inability of a limit analysis. The details of the model-
ing and the analysis are presented in a manual [26, 31].

3 PARAMETERS CONSIDERED IN THE ANALYSIS

All the parameters that influence the bearing capacity of
a footing resting near the slope crest are considered in
the analysis. These parameters include, the slope inclina-
tion, the edge distance, the average undrained shear
strength of the soil and the footing properties. Earlier
studies used ranges of undrained shear strength to repre-
sent the various consistencies of the cohesive soils [32].
Based on previous studies, a large range of undrained
strength values are selected to reflect all the possible
ranges of consistency. The ranges of the considered
parameters are presented in Table 1. The unit weights of
the soil are assumed to be 14-17 kN/m?>. The stiffness of
the soil increases with an increase in the consistency of
the soil. Therefore, the stiffness of the soil is also assumed
to be varying from 2500 kN/m? to 14000kN/m? with the
soil unconfined strength [33]. The edge distance (b) and
the embedment depth (D) are normalized with respect
to the footing width and stated as the edge-distance ratio
(b/B) and the depth ratio (D/B), respectively.
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Table 1. Range of various parameters considered in the study.

¢, Consis- ¢,/ No. of

(b/B)  B°  (D/B)

(kPa) tency (yB) analysis
20 Soft 0.7 0’31’52’ 0-15 0,0.5,1.0 60
. 0,1,2,
40 Medium 14 35 0-35 0,0.5,1.0 120
80 Stiff 2.8 0’31’42’ 0-45 0,0.5,1.0 150
Very 0,1,2,
160 stiff 5.7 3.4 0-55 0,0.5,1.0 180

320 Hard 106 0,1,2,3 0-80 0,0.5,1.0 204

4 RESULTS AND DISCUSSION

The variation in the bearing capacity with each of the
factors is presented in detail and discussed separately.
The change in the bearing capacity is determined in
terms of the bearing capacity ratio (BCR). The BCR is
defined as the ratio of the bearing capacity (or the bear-
ing capacity factor) of a footing resting over the slope
to the bearing capacity (or the bearing capacity factor)
of the same footing resting over level ground under
identical soil conditions. This means that the BCR also
represents the relative bearing capacity of a footing rest-
ing on a slope to level ground.

4.1 The effect of the slope gradient

The typical variation in the bearing capacity ratio (BCR)
with the change in the slope inclination for a footing
with various embedment ratios (0, 0.5 and 1) resting on
soil (¢,/(yB)=2.85) is presented in Fig. 2. The bearing
capacity as well as the BCR decreases nonlinearly with
the increase in the slope inclination. The adverse effect

of the slope on the BCR decreases with an increase in the

edge distance. For a larger edge distance, the decrease in
the BCR with the slope inclination is either very nomi-
nal or negligible. It is also observed that the decrease in
the BCR with the slope inclination is relatively large in
the footings resting below ground level compared to the
footing resting on the ground surface.

The effect of slope inclination on the failure mechanism
(shear dissipation contours) for a footing resting at

an edge distance of 3B is presented in Fig. 3. It shows
that the failure mechanism is independent of the slope
inclination for gentle slopes and it is similar to the foot-
ing resting on level ground. These cases are similar to
the failure mechanism assumed by Terzaghi. However,
the interaction between the slope and the footing
increases with an increase in the slope inclination,

0.8
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Figure 2. Effect of slope inclination on the BCR:
(a) D/B=0, (b) D/B=0.5, (c) D/B=1.

which decreases the mobilization of the soil strength on
the level side of the footing and decreases the bearing
capacity of the footing (Fig. 3 c-f). Consequently, there is
a decrease in the BCR, as observed in Fig. 2. Cure et al.
[34] have also observed similar trends for cohesionless
soils. For gentle slopes, the failure is bearing-capacity
failure (Fig. 3 a-c). For a very steep slope (50-70°),

the slope failure is not representative (Fig. 3 e-f). In
moderate-to-steep slopes (35-45°), a combined failure
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(© (d) (e)

Figure 3. Effect of slope inclination on the failure mechanism: (a) p=0°, (b) p=20°, (c) p=30°, (d) p=40°, (e) p=50°, (f) p=70°".

()

mechanism coexists, where the slope failure as well 4.2 The effect of the embedment depth of a footing
as the bearing capacity failure occur together (Fig. 3

d). Even a footing on a steep slope can be stable if it is Fig. 4 shows the effect of the embedment depth of a
resting at a large edge distance, as it remains intact and footing on the BCR for a cohesive soil of ¢,/(yB)=2.85.
unaffected by the slope. However, soil near to the slope Though the bearing capacity increases with an increase
edge and along the slope surface may fail and causes to in the embedment depth of the footing, the BCR

the local slope failure. decreases with an increase in the depth of the footing.
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Figure 4. Effect of embedment depth of the footing on the BCR: (a) b/B=0, (b) b/B=1, (c) b/B=2, (d) b/B=3.
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(c)

The influence of the footing depth becomes more notice-
able with an increase in the steepness of the slopes, but
reduces with an increase in the edge distance. The rate of
decrease in the BCR with the depth of the embedment is
relatively high when the depth ratio increases from 0 to
0.5, but it reduces when the depth ratio increases from
0.5 to 1. It is expected that the rate of decrease in the
BCR with the depth of the footing will decrease further
with an increase in the depth of the footing from 1 to
1.5. The contribution of the surcharge loading to the
bearing capacity is a maximum for level ground and it
reduces with an increase in the slope inclination. Narita
and Yamaguchi [35] also found that the effect of the
embedment depth of the footing is significant for steep
slopes and a low setback distance.

The effect of the embedment depth on the failure mecha-
nism is presented in Fig. 5. At a shallow depth (D/B=0

and 0.5), the failure mechanism of the footing resting on

a slope is similar to Terzaghi’s failure mechanism (Fig. 4

a, b). However, with an increase in the footing depth, the
difference in the failure mechanism becomes significant.
The footing resting on the ground surface possesses a
small load-carrying capacity and a very small area of foun-
dation soil involves and contributes to the bearing capacity
(Fig. 5 a). Therefore, the bearing capacity is independent of
the slope (Fig. 5 a). While in the case of a greater embed-
ment depth, the large soil area contributes to the bearing
capacity. The failure surface also extends in the lateral
direction and a large edge distance is required to cover
that much area to mobilize the soil strength optimally (Fig.
5Db, ¢). Therefore, the BCR reduces with an increase in the
embedment depth of the footing, as depicted in Fig. 4.

The influence of the embedment depth on the BCR
becomes less evident with an increase in the edge
distance. This is due to the fact that for an edge distance,
more than or equal to the critical edge distance, the
BCR remains almost constant, irrespective of the slope

(d)
Figure 5. Effect of the embedment depth of a footing on the shear dissipation (a) D/B=0.0, (b) D/B=0.5, (c) D/B=1.0, D/B=1.5.

inclination and the depth ratio of the footing. Narita
and Yamaguchi [34] have made similar observations for
cohesionless soils.

4.3 Effect of the soil strength

The typical variation in the normalized bearing capacity
(BCR) with soil strength for a footing with an embed-
ment ratio (D/B) of 1 is presented in Fig. 6. It shows
that the BCR increases with an increase in the c,/(yB).
The change in BCR is significant when c,/(yB) increases
from 1.4 to 2.8, but a further increase in ¢,/(yB) only
makes a negligible improvement in the BCR. Similar
observations have been made for the other embedment
ratios (D/B=0, 0.5 and 1.5). However, it was observed
that the effect of the soil strength on the BCR is increas-
ing marginally with the footing depth. It can also be
observed that the effect of the soil strength is more
prominent in a steep slope, but it reduces with a decrease
in the steepness of the slope. The effect of the soil
strength on the BCR reduces with a further increase in
the edge distance. With an increase in the edge distance,
the footing becomes independent of the slope and the
condition becomes similar to level ground. Therefore,
the influence of the strength becomes negligible with

a decrease in the slope inclination, and it increases the
BCR close to 1, irrespective of the slope inclination.

The typical effect of soil strength on the failure
mechanism for a footing with an embedment ratio of

1 resting over a soil slope of 300 at an edge distance of
2B is presented in Fig. 7. At low strength (c,/(yB)=0.7),
the failure is a global slope failure. However, with an
increase in the strength of the soil, the failure mode
changes to bearing-capacity failure. The contribution
of the soil located on the level side of the footing to the
bearing capacity increases with an increase in the soil
strength, and the failure becomes a bearing capacity
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Figure 6. Effect of soil strength on the relative bearing capacity: (a) b/B=0, (b) b/B=1, (c) b/B=2, (c) b/B=3, (c) b/B=4.

(a)
(©)

(b)
(d)

Figure 7. Effect of soil strength on the failure mechanism: (a) ¢,/(yB) =0.7, (b) ¢,/(yB) =1.4, (c) ¢,/(yB) =2.8, (d) ¢,/(yB) =5.7.

failure. It can also be stated that the severe effect of the
slope decreases with an increase in the strength of the

soil. Therefore, the edge distance at which the strength of

the soil mobilizes optimally decreases with the increase
in the soil strength. Although the magnitude of the safe
slope inclination increases with the soil strength, the
critical edge distance is found to decrease.
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4.4 Effect of the edge distance

The typical variation in the BCR with edge distance is
presented in Fig. 8 for a footing of different embedment
ratios resting over a soil having c,/(yB)=2.85. The degree
of strength mobilization of the soil located on the level
side increases with an increase in the edge distance.
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Consequently, it increases the bearing capacity and the
stability of the footing. The footing located near to the
slope fails due to the local shear failure and the mode
of failure changed to general shear or punching shear
failures with an increase in the edge distance.

At a particular edge distance, both sides of the soil
contribute with an equal amount and the footing behav-
iour becomes independent of the slope. At this critical
edge distance, the failure pattern becomes symmetrical
about the footing axis. At a small edge distance and a
steep slope, the failure is one sided (slope side only),
and the soil on the side of the level ground does not
fully contribute to the bearing capacity. Therefore, the
measured BCR is small for a footing resting precisely
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Figure 8. Effect of edge distance on the bearing capacity enhance-
ment for a footing: (a) D¢/B=0, (b) D¢/B=0.5, (c) D¢B=1.0.

on a slope crest or near to the slope crest. The degree of
strength mobilization of the soil located on the level side
increases with an increase in the edge distance (Fig. 9).
The passive resistane increases with an increase in the
edge distance, resulting in the increases in the bearing
capacity [36]. Varzaghani and Ghanbari [37] also stated
that the stiffness of the foundation increases with the
setback distance increases, which leads to an increase in
the bearing capacity of the soil.

The typical effect of edge distance on the failure mecha-
nism is shown in Figure 9. It shows that the failure
mechanism changes significantly with an increase in
the edge distance. The elastic wedge below the footing
is unsymmetrical for a small setback and becomes a
symmetrical and higher edge distance. Also, the shear
dissipation on the level side of the footing also increases
with an increase in the edge distance. The footing
becomes independent of the slope with an increase in
the edge distance, and at a particular edge distance, the
footing becomes independent of the slope inclination.

On the basis of the numerical analyses, the limiting
edge distance is identified for the various combinations

(d)

Figure 9. Effect of edge distance on the failure mechanism: (a)
b/B=0, (b) b/B=1, (c) b/B=2, (d) b/B=3.
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of parameters. The limiting edge distance evaluated in
the present study is presented in Table 2. The increase
in the critical edge distance is primarily observed (Table
2) due to the increased slope inclination in the soils,
rather than an increase in the soil strength as even a
steep slope is stable in cohesive soils due to the higher
strength.

Table 2. Limiting edge distance for strip footing on a cohesive

soil slope.
B
(kPa) (D/B)
20 0.7 0-20 0-1.0 1-5.0 1.0-2.5
40 1.4 0-35 0-1.0 1.0-4.5 1.0-2.0
80 2.8 0-50 0-1.0 1.0-4.5 1.0-1.5
160 5.7 0-55 0-1.0 0.5.0-4.0 0.5-1.0
320 114 0-80 0-1.0 0.5.0-3.0 0.5

The International Residential Code [38] and the
Uniform Building Code [39] suggest the maximum
edge distance can be a minimum of H/3 and 12 m. The
Indian standard IS: 1904-1986 recommends maintaining
a minimum distance of 0.9 m from the slope surface.
However, the code does not provide any guidelines to
locate a footing resting near to the slope crest (edge
distance). In the present study, the critical edge distance
is found to vary from 1 m to 9 m (or 0.05H to 0.45H).
However, from the present numerical study; it is
observed that the critical setback distance depends not
only on the slope height, but also on the slope inclina-
tion, the depth of footing, the width of footing, and the
strength of the soil (c,/(yB)).

However, in practice, it is not always possible to locate
a footing at a critical setback distance. Therefore, an
optimum value of the edge distance needs to be identi-
fied, at which the reduced bearing capacity (due to the
slope effect) is reasonably negligible. In the present
study, the optimum value of the edge is determined by
considering a BCR value equal to 0.75-0.8 and varies
from 0.5B to 2.5B (0.05H to 0.05H), depending on the
footing depth, the soil strength and the slope inclina-
tion. The obtained values of the optimum setback
(0.05H to 0.05H) are significantly less than the values
suggested in the codes. The significant difference
highlights the fact that a constant value of the edge
distance, as suggested in the standards/codes, irrespec-
tive of the soil properties, foundation characteristics
and slope geometry is not appropriate, and needs to be
improved.
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5 COMPARISON WITH THE BEHAVIOUR OF A
FOOTING RESTING ON COHESIONLESS SOIL
SLOPES

The results of the present study have been compared
with the results of Shukla and Jakka [2], where foot-
ings resting on cohesionless soil slopes were studied in
detail. From the comparison of the results, it is observed
that the BCR decreases with an increase in the slope
inclination and the embedment depth in both cohesive
and cohesionless soil slopes. However, the influence of
the soil strength on the critical edge and the BCR is the
opposite in cohesive and cohesionless soils. Unlike cohe-
sionless soils, the critical edge distance decreases with
an increase in the strength of the cohesive soils. Further-
more, the range of the critical edge distance is found

to be narrow (1B to 5B) in cohesive soils, compared to
cohesionless soil, where it is varying from 2B to more
than 12B. Despite the increase in the bearing capacity
with the soil strength in cohesive soil, as well as cohe-
sionless soils, the BCR increases with the soil strength in
cohesive soil and decreases in cohesionless soil.

The effect of the strength parameters (¢, c¢,/(yB)) on

the BCR and the bearing capacity factor for a footing
resting at an edge distance of 1B is presented in Fig. 10.
Further discussions are made here to understand the
reasons for the observed opposite trends in the case

of the critical edge distance and the BCR. The bearing
capacity factor (N,,) in cohesionless soil increases expo-
nentially with the soil strength in cohesionless soils,
especially for level ground (Fig. 10 a), while its increase
rate is moderate or low for steep slopes. As the BCR
represents the normalized bearing capacity with respect
to level ground, the BCR decreases with an increase in
the soil strength due to a large and sharp increase in

the bearing capacity in level ground compared to the
slopes (Fig. 10 a). However, in clayey slopes, the bearing
capacity factor (N,) increases sharply for steep slopes
in comparison to gentle slopes (Fig. 10 b). This opposite
observation in cohesionless soil and cohesive soil leads
to a difference in the observations made in the BCR
(Fig. 10 c-d).

To further understand the contradictory observations,
the failure mechanisms of footings in both types of soil
have been studied. The variation in the failure mecha-
nism for cohesive soil and cohesionless soil is presented
in Figs. 7 and 11, respectively. The area contributing to
the bearing capacity increases with the increase in the
internal friction of cohesionless soil and the undrained
strength of cohesive soil. The increase in the area within
the rupture surface leads to an increase in the bearing-
capacity factor. The contribution from the level side of
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Figure 10. Effect of strength parameters: (a) on the bearing capacity factor in cohesionless soil, (b) on the bearing capacity factor in
cohesive soil, (c) on the bearing capacity ratio in cohesionless soil, (d) on the bearing capacity ratio in cohesive soil.

(c)

the footing reduces sharply in cohesionless soils (Fig. 11
a-d). The reduction in the area of the shear zone on the
level side of the footing contributes to a reduction in the
BCR with an increase in the angle of the internal friction
of the soil. This means that the adverse effect of the slope
reduces with an increase in the soil-strength parameter
in cohesive soil, unlike in the cohesive soil.

In cohesionless soils, the slip surface is a log spiral and
extends to longer lateral dimensions and greater depths
than the cohesive soil. This contributing area increases

(d)
Figure 11. Effect of the angle of internal friction on the failure mechanism: (a) =25°, (b) ¢=30°, (c) ¢=35° (d) ¢=40°.

significantly with the angle of the shearing resistance of
the soil. Therefore, a larger edge distance is required in
cohesionless soils. In cohesive soils, the failure surface
is circular and only a small area contributes to the bear-
ing capacity. The slip surface extends to a very small
area beyond the footing width in cohesive soils. Also,
the failure mechanism changes from slope failure to
bearing-capacity failure with an increase in the strength
for a given edge distance. Therefore, the critical edge
distance decreases with an increase in the soil strength
in cohesive soils.
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6 PREDICTION OF THE BEARING CAPACITY

The numerical analysis results were used to carry out

a regression analysis and an artificial neural network
(ANN). The purpose of using both of the methods is to
predict the BCR and the bearing-capacity factor accu-
rately. It is observed from the numerical analyses that a
total of four independent variables (i.e., b, B, ¢,/(yB)

and D/B) influences the bearing capacity factor of a
footing resting near to the slope crest. The linear multiple
regression (LMR) analysis was carried out initially to
predict the BCR and N, . The regression coefficient (R?)
is found to be 0.81 and 0.68 for N, and BCR, respec-
tively. This means that LMR is not efficient to model and
predict the bearing capacity of a footing on a slope as the
relationship between the independent variables and the
dependent variable is nonlinear. Therefore, it is necessary
to consider the nonlinearity in developing regression
equations. To consider the nonlinearity, it is assumed that
Ncq and BCR are dependent not only on these four vari-
ables, but also upon a number of other variables. These
other variables are a function of the initially assumed four
independent variations. Considering these derivatives,

a nonlinear multiple regression analysis (NMRA) and
correlation analysis, along with other statistical tests, were
performed to derive an equation to predict the bearing-
capacity factor (N,) considering the combined effect

of the soil cohesion and the surcharge loading above

the footing base. Another equation is also developed to
determine the change in the bearing capacity (BCR).

Various types of functions, such as linear, exponential
and polynomial functions, were initially assumed, and
finally the best relationship was used to develop the

equation. Initially, a total of 24 variables, which are func-
tions of four independent variables, were considered in
the regression analysis to develop equations to compute
BCR and N;. Co-linearity can produce serious problems
and ordinary least-squares approximations can be very
different from the true values. Therefore, the degree of
multi-collinearity was used to remove the insignificant
variables. It was found that only eight variables out of 24
affect the N,,) significantly. Later, these eight variables
were used to develop an equation to predict N, It

was found that R? reduces from 0.994 to 0.975, when a
number of insignificant variables were removed from
the analysis. This reduces the number of variables in the
regression equation significantly, without reducing the
R? value by much. It ensures that all the assumed depen-
dent variables are not affecting the bearing capacity
significantly with respect to those assumed in the initial
phase of the regression analysis. Similarly, 13 derivatives
were used in the development of an equation to predict
the normalized bearing relative to the level ground
(BCR) out of 32 derivatives. It reduces the regression
coeflicient from 0.992 to 0.953. The ultimate bearing
capacity of a footing located adjacent to a slope can be
determined precisely by using either Eqn. 4 or Eqn. 5.
Therefore, it is suggested to use the BCR values (using
Eqn. 2) and Eqn. 4 to determine the effect of the slope
geometry on the footing bearing capacity of a footing on
a slope.

In equations (1) to (5) ¢, is the undrained cohesion of
the soil, N, is the bearing-capacity factor, f3 is the slope
inclination in radians, D is the depth of the footing, B is
the width of the footing, y is the unit weight of the soil
and b is the edge distance.

C c
u

b b D D D
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Hansen [40] and Vesic [41] have also developed equa-
tions considering the slope inclination and c,/(yB) only.
Later, Bowles [42] also developed an equation and the
soil strength was considered in the developed equa-
tion. Recently, Georgiadis [7] proposed an equation to
calculate Nc (slope) based on a rigorous finite element
analysis. However, the developed equation is complex
and does not consider the effect of the footing depth
that is an important factor affecting the bearing capacity.
The presented Eqns. 1 and 2, consider the effects of all
these factors together in single equation to determine
the effect of the slope inclination on the bearing capacity.
The slope height was not considered in the presented
equation as only the foundation failure was considered
in the analysis, not the slope failure (toe and base fail-
ure). Initially, the slope height (H/B) was also considered
in the analysis, but it was observed that its effect is very
nominal with respect to the bearing capacity. However,
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in marginally stable slopes, the slope height has a
significant influence. In a marginally stable slope, the
slope failure induced by the footing loading governs the
capacity, not the shear failure, which can be clearly seen
from Figs. 3(f) and Fig. 7(a).

A linear multiple regression analysis was also performed
to determine the critical factors affecting the bearing
capacity. Based on the P values, the order of significant
factors affecting the bearing capacity is also evaluated.
The order of the factors is ¢,/(yB) > Slope inclination >
Embedment depth of footing > Edge distance. The rela-
tive importance of all these factors was again assessed
based on Garson’s algorithm [43], and a similar order
was obtained in this case also. The relative importance of
these variables is presented in Table 3. Acharyya and dey
[19] have also provided a similar rating for the c-¢ soil
slope based on an ANN. This indicates that the bearing
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Figure 12. Comparison of the predicted values with the determined values:
(a) Ney(slope) using NLMR analysis, (b) N (slope) using ANN, (c) BCR using NLMR analysis, (d) BCR using ANN.
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capacity is greatly affected by the soil strength, followed
by the steepness of the slope, which is a destabilizing
factor, and the embedment depth of the footing and the
edge distance have the least influence on the BCR. In
contrast to cohesive soils, the influence of the depth ratio
is found to be less than the edge distance in cohesionless
soils. This is due to the fact that the slip line/fracture
surface spread over a larger lateral extent in the cohe-
sionless soil than in the cohesive soil, which makes the
lateral dimension (edge distance) more important than
the vertical dimension (depth of footing).

Table 3. Relative importance of all four variables.

Factors Rating Relative importance
c,/(yB) 1 45.6 %
Slope inclination (f3) 2 40.5 %
Depth ratio (D/B) 3 8.5%
Edge distance (b/B) 4 54 %

An artificial neural network (ANN) model was also
developed to determine the bearing capacity of the foot-
ing on the slope using the Levenberg-Marquardt algo-
rithm and MATLAB. The ANN was added to compare
the efficiency of the regression analysis with a regression
analysis. In the model, 70% of the data (420) was used
for training purposes and the remaining 30% of the data
(180) was used for testing and validation purposes. Simi-
lar to the regression analysis, a total of four independent
variables (i.e., b, B, ¢,/(yB) and D/B) were used as the
input, and BCR and Ncq were the output variables. Eight
hidden layers were used in the study. Each hidden layer
had 10 hidden neurons, which is based on the formula
2(n + 1). Here, ‘n’ is the number of input variables,
which is equal to four in the present cases. A compari-
son of the predicted values with the determined values
of N, with a nonlinear multiple regression analysis
(NLMR) and the ANN is presented in Figs. 12 (a) and 12
(b), respectively. Similarly, a comparison of the predicted
values with the determined values of the BCR with the
NMRA and ANN is presented in Figs. 12 (c) and 12 (d),
respectively.

Both methods predict the N, and BCR accurately

(as R? is relatively high for both methods); however,

the efficiency of the ANN of is found to be relatively
higher than the NMRA. This means the ANN modeled
the nonlineariarity more accurately than the MMRA.
However, the ANN method has many limitations due
the black-box approach [44]. NLMR also has an advan-
tage over ANN, as it gives simple equations to predict
the bearing capacity factor and BCR, which can be easily
used by researchers and engineers.

62. Acta Geotechnica Slovenica, 2019/2

7 VALIDATION OF THE PROPOSED EQUATION

To validate the presented equation, the predicted values
are compared with the results of previous studies and
are presented in Fig. 13. Fig. 13 (a-b) presents the
normalised bearing capacity (g/yB) for various values
of ¢,/(yB) for cohesive soil. These plots show that the
bearing-capacity values are close to those determined
by Kusakabe et al. [4]. Kusakabe et al. [4] also presented
the (q/yB) values determined by other researchers, i.e.,
Bishop [45], Kotter and Bishop. These values have also
been used for comparison purposes. As seen from Fig.
13 (a), the solution obtained with the presently used
finite element model is less than the upper-bound solu-
tion of Kusakabe et al. [4], Bishop [45] and Kotter’s solu-
tion. However, the values of the present study are found
to be always greater than the lower-bound solution of
Kusakabe et al. [4] and Fellenius’s solution.

Fig. 13 (b) shows that the bearing capacity factor values
predicted from the NLMR analysis are close to those
determined in the numerical analysis and the previ-

90 = ¢- - Upper bound (Kusakabe et al.

[4])
& == Present study g
e
60
o Upper bound (Isuﬁ
< 45 [4]) 7~~~ _
Sy Bishop PR
30 =
-=¥
15
0
0 1 2 3 4 5
¢,/(YB)
(a)
6
5
4
7
Z. —A— Bowles [42]
2 —@— Wang [46]
1 == NLMR
0 —0— ANN
0 20 40 BO 60 80 100
(b)

Figure 13. Comparison of the predicted values with previous
studies: (a) Effect of ¢,/(yB), (b) Effect of slope inclination.
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ously determined values of Meyerhof [1], Bowles [42]
and the experimental study of Wang [46]. The values

of the predicted bearing capacity factor are close to the
experimental study result of Wang [46] for a small slope
inclination. However, the predicted values are slightly
higher than the experimentally determined values of
Wang [46] and lower than the values of Bowles [42].
The predicted bearing capacity factors are found to be
close to the values proposed by Meyerhof [1]. However,
for steep slopes (5 > 40°), the values are lower than the
Meyerhof [1] values. This similar observation was made
in previous studies of a cohesionless soil slope [47-48].
The values predicted from the ANN are less than the
earlier studies, except for the experimentally determined
values of Wang et al. [40]. Similar to the present study,

a number of other studies also found that small-scale
model testing generally underestimates the bearing
capacity of a footing on a slope [49].

8 CONCLUSION

The presence of a slope, close to a footing, influences the
bearing capacity of the footing. The severity of the slope
effect depends on the footing location, the soil strength
and the slope geometry. However, the slope effects are
found to be independent of the soil strength in the case
of a stable slope (in the case of bearing-capacity failure).
The bearing capacity is a minimum when the footing

is resting exactly on the slope crest and it increases

with the increase in the edge distance. The critical edge
distance varies from 1B to 5B, depending on various
factors. In contrast to the present finding, currently
codes suggest the critical setback distance mainly based
only on the slope inclination and the slope height. The
range of critical setbacks in cohesive soils is significantly
less than in cohesionless soils. The increase in the bear-
ing capacity with the edge distance is relatively large and
non-linear in the case of the steep slopes and footings of
the higher depth of the embedment. The critical value of
the edge distance is identified in the present study and it
is found to increase with an increase in the slope inclina-
tion and the embedment depth of the footing.

In gentle slopes, shear failure governs the footing
capacity. Two failure mechanisms, i.e., slope failure and
bearing-capacity failure, can co-exist in steep slopes. In a
few cases, the slope fails due to the stress generated from
the footing loading itself. The influence of the strength
parameter on the BCR and the critical edge distance is

different in cohesive soils, compared to cohesionless soils.

The BCR decreases with an increase in the strength of a
cohesionless soil, whereas it increases with an increase
in the undrained strength in cohesive soils. In contrast
to cohesionless soils, the critical edge distance is found

to decrease with an increase in the undrained strength of
the cohesive soil. This contradictory behavior is ascribed
to the differences in the failure mechanisms of the cohe-
sive and noncohesive soils. The range of the critical edge
distance is found to vary from 1B to 5B in cohesive soil.

Both the ANN and NLMR analyses were used to predict
the BCR and Ncq (slope). The developed nonlinear
regression equations are found to be efficient in predict-
ing the bearing capacity factor on the slope and the BCR
accurately. However, the ANN is found to be relatively
more efficient at predicting the BCR and the N, (slope)
values, compared to the NLMR analysis.
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Abstract

The conventional numerical simulations of rock and soil
are mainly concerned with the macroscopic continuous
model or the pseudo-microscopic model established using
the discrete-element method (DEM). However, these
adopted models are not completely consistent with actual
soil samples. To explore the evolution law of the internal
stresses of soil samples from the mesoscopic perspective, we
proposed an image-finite-element method for studying the
deflection angles and the shear stresses at four points in
the non-shear zone of clay with real mesostructures. The
approach allowed for a realistic distribution of the pore
structures and avoided any virtualization, thereby signifi-
cantly improving the veracity of the mesoscopic model. It
worked by using a microscopic lens and a charge-coupled
device (CCD) to capture the two-dimensional (2D) meso
image in the non-shear zone, and then convert this digital
image into a vector image recognized by the finite-element
software (ABAQUS) through image-processing techniques,
and import it into a numerical model, and then carry out
a numerical calculation. For the purposes of performing a
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Kljuéne besede

glina; mezoskopski model; numeri¢na analiza; realne
mezostrukture

Izvlecek

Konvencionalna numeri¢na simulacija kamnin in
zemljin se v glavnem ukvarja z makroskopskim kontinu-
iranim modelom ali psevdo-mikroskopskim modelom,
dolocenim z metodo diskretnih elementov (DEM). Ti
modeli niso popolnoma skladni z dejanskimi vzorci
zemljin. Za raziskavo pravila napredovanja notranjih
napetosti vzorcev zemljin iz mezoskopske perspektive,
predlagamo slikovno metodo koncnih elementov za prou-
Cevanje odklonskih kotov in striznih napetosti na stirih
mestih v ne-striznem delu gline z realnimi mezostruktu-
rami. Taksen pristop omogoca realisticno porazdelitev
struktur por in preprecuje virtualizacijo, kar bistveno
izboljsa verodostojnost mezoskopskega modela. Deluje z
uporabo mikroskopskih le¢ in senzorjem CCD za zaje-
manje dvodimenzionalne (2D) mezo-slike v ne-striznem
obmodju in nato pretvorbo te digitalne slike v vektorsko
sliko. S tehnikami obdelave slik jo prepozna programska
oprema s koncnimi elementi (ABAQUS), uvozimo jo v
numericni model, nato pa izvedemo numericni izracun.
Za izvedbo korelacijske analize je bil na istem vzorcu
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correlation analysis, the unconfined-compression (UC) test
was also carried out on the same specimen. The numerical
results show that there is no shear failure in the meso nume-
rical model, which is consistent with the UC test results
for the same region. And, the quantitative analysis results
show that: (1) under load, the yield zones in the meso
numerical model are obviously located around the pores;
(2) the evolution laws of the deflection angles and the meso
shear stresses at four points are different in the compression
process; and (3) the pore structures play a significant role
in the evolution of the deflection angles and meso shear
stresses, especially around the larger and denser pores.

1 INTRODUCTION

Understanding the connection between internal

stresses from the mesoscopic perspective and the shear
failure mechanism of soil is a fundamental challenge in
geomechanics research. Works on the theory, testing
and numerical simulations of soil from microscopic

and macroscopic perspectives have led to many great
achievements. For example, in theory, Borja et al.
investigated the effect of the spatially varying degree of
saturation on triggering a shear band in granular materi-
als and presented variational formulations for the porous
solids whose voids were filled with liquid and gas [1].

Lu and Yang pointed out that the development of shear
bands was affected by the coupling strain rate and pore
pressure of a material using the momentum equations
of water and grains by the mixture theory [2]. Gutierrez
introduced a simple elastoplastic constitutive model that
adequately captured the monotonic response of granular
soils under biaxial loading conditions and developed a
strain-localization criterion expressed in terms of consti-
tutive parameters [3]. As a matter of fact, these theoreti-
cal studies take into account the effects of the physical
properties of the particles and macroscopic parameters
on the shear failure of soil samples [4], but do not
involve the influence of internal stresses from the meso-
scopic perspective. In tests, developments in meso exper-
imental techniques, like scanning electron microscopy
(SEM), computer tomography (CT), ultrasonic or digital
camera, etc., made the real microscopic features of soil
samples more deeply understood. Most importantly,
these techniques enable the precise detection of the
particles” (or aggregate particles’) morphology, providing
a detailed position of the local pores. The observations,
made by Shan et al, indicate that the soil particles were
rearranged in an orientation parallel to the direction of
the maximum principal stress and the maximum shear
stress [5]. Bo et al. demonstrated how to determine the
mineralogical properties of ultra-soft soils using X-ray

opravljen tudi enoosni preizkus (UC). Numericni rezul-
tati kazejo, da v mezo-numericnem modelu ni strizne
porusitve, kar je skladno z rezultati enoosnega preizkusa
v istem obmocju. Rezultati kvantitativne analize kazejo:
(1) da so pod obremenitvijo plasticna obmocja v mezo-
-numeri¢nem modelu ocitno locirana okoli por; (2) da se
pravila napredovanja odklonskih kotov in mezo-striznih
napetosti v stirih tockah v procesu stiskanja razlikujejo;
in (3) da imajo strukture por pomembno vlogo pri pove-
Canju odklonskih kotov in mezo-striznih napetosti, zlasti
okoli veljih por in gosteje razporejenih por.

diffraction and scanning electron microscope techniques
[6]. Zhang et al. calculated the volume porosity of the
whole specimen by analyzing the tomography images
with an error of only 3.93% compared with the experi-
mental porosity [7]. However, compared with the digital
camera method, the complexity of the soil samples’
preparation and the high cost of the test equipment
mentioned above limit their application. For this reason,
a digital camera or a microscope lens were another
choice for revealing the mesostructures of geomaterials
[8-10]. Yue Z Q et al. carried out quantitative investiga-
tions of the orientations, distributions and shapes of
aggregates about asphalt concrete using a conventional
digital camera [11]. Ghalehjough et al. showed that

the shear failure mechanism of the soil changed from
general towards punching shear failure with increasing
particle roundness by analysing the photographs taken
from a high-resolution digital camera [12]. Shao et al.
developed a series of geotechnical test instruments based
on a digital image measurement system [13]. Amy et al.
found that the shear band thickness ranged between 6
and 9.5 times D50 and pointed out that the grain shape,
angularity, and size distribution can also affect the shear
band thickness using the digital image correlation (DIC)
method [14]. Although the aforementioned image
methods have successfully obtained the mesostructures
of soil and investigated its influence on the macroscopic
properties, these results only focus on the particle
characteristics of the soil and do not take into account
the influence of the internal pore characteristics, nor do
they involve the internal stresses from the mesoscopic
perspective. In numerical simulations, some researchers
have simulated the effect of mesoscopic characteristics
on the macro performance by setting a “weak” element
in the finite-element software. For instance, Jiang et al.
performed a series of biaxial-compression-test simula-
tions by increasing the void ratio of element No.105 on
methane hydrate-bearing sediment samples to simulate
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the influence of the nonuniform density (mesostruc-
tures) and showed that the bifurcation of the stress and
volumetric response of the elements within the shear
band is more obvious during the tests [15]. Certainly,
the most typical method for simulating the microscopic
model of soil is DEM, which helps to study the deforma-
tion behaviour of the particle system. Bayesteh et al.
developed a 2D DEM computer program to simulate the
mechanism that controlled the behaviour of a granular
assembly after local and random particle loss [16].

Nicot et al. discussed the dependency of the mechanical
response to the imposed volumetric strain by presenting
the numerical simulation with a discrete element model
and micromechanical approaches [17]. Li et al. showed
that it was possible to capture, using DEM, the essential
features of the mechanical behaviour of granular materi-
als under a complex stress state [18]. However, the DEM
method mainly simulates granular materials, such as
sand, soil-rock mixtures, and concrete, and assumes
that the soil particles are rigid spheres adopted in the
numerical model, which is not in accordance with the
mechanical properties of actual geomaterials.

In short, the mesoscopic mechanism of the soil samples’
macroscopic properties, especially the evolution laws of
the internal real meso structure and its meso stress, need
to be further studied. To address the issue, this paper
introduced an image-finite-element method (IFEM) on
the basis of previous achievements [19]. It incorporated a
real meso image and a finite-element model, respectively,
for investigating the evolution of the deflection angles
and the internal stresses from a mesoscopic perspective
on the unconfined compression simulation test. Due

to the large magnification of the microscopic imaging
system, the acquisition field of view is small and it is
difficult to locate exactly the position of the initiation of
the shear band. Therefore, the evolution of the internal
stresses from the mesoscopic perspective in the non-
shear zone was studied in this paper. As for the evolution
of the internal stresses in the shear zone, it needs to be
studied after the equipment is improved in the next step.

2 UNCONFINED-COMPRESSION SIMULATION TEST

Because the unconfined-compression (UC) test is by

far the most popular technique for soil shear testing,
this paper uses the UC test and the mesoscopic image-
acquisition system to form a set of soil samples for the
macro and micro test equipment (see Figure 1), which
cannot only obtain the clay meso image conveniently,
but also carry out the macroscopic compression test at
the same time. In this way, the numerical results and the
experimental results can be compared and analyzed.
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Figure 1. Equipment combining microscopic lens and UC test.

2.1 Clay sample preparation

The materials used in the test were clay, which was
quarried from a construction site around the Nanjing
Institute of Technology. Its plastic limit and liquid limit
values were 18.36 and 39.14, respectively. The traditional
cylindrical clay sample was divided into two parts from
the symmetrical surface and the semi-cylindrical shape
was taken as the test object (see Figure 2). The semi-
cylindrical clay sample was placed on the pedestal of the
UC test, and the symmetrical plane was thrown directly
at the microscopic lens.

Symmetrical
e surface

-_—

Figure 2. Schematic diagram of a clay sample divided
into two parts.

2.2 Mesoscopic image acquisition

Since the surface of the cylindrical clay sample is

curved, it is not convenient to collect images using the
mesoscopic acquisition system with a microscopic lens
and a CCD. According to the axisymmetric principle, the
symmetrical surface of a semi-cylindrical clay sample was
selected as the observation surface. This not only ensures
that the observed area is plane, but also can collect the
mesoscopic characteristics of the clay. So, the tests were
carried out on the air-dried clay samples (not considering
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Figure 3. The original meso-image acquistion diagram.

the influence of pore water) with a 39.1-mm diam-

eter and an 80-mm height. Then, the original images
(768x576 pixels) with real mesoscopic features before
loading were obtained using the mesoscopic acquisition
system. Figure 3 shows a schematic diagram of the image
collected by the mesoscopic acquisition system (the
image has a physical resolution of 0.0014 mm).

2.3 Image processing

The original meso image contains the true distribution
characteristics of the clay particle aggregates and pores,
which is the basis for establishing the meso numerical
model. In order to embody the mesoscopic information
in the numerical model, it is also necessary to pre-process
the meso image, including denoising and binarization.
The image data can be affected by the noises from the
device elements and the surrounding lights. Since the
adaptive median filter algorithm can preserve the edges
in an image, it was chosen for the de-noise operation in
this paper. For studying the effects of internal stresses and
pores, it is necessary to distinguish the particle aggregates
from the pores, so the particle aggregates and pores were
expressed in black and white using Otsu’s binarization
method, respectively. In fact, Otsu’s method is an image
binarization technique, which cannot only avoid the
interference of artificial factors, but also automatically
calculates the maximum threshold of intra-class vari-
ances. In this way, the real boundaries of the clay particle
aggregates and pores were fully identified. The threshold
of the meso image was obtained using the formula (1).

_ (AvexW(k)— Aver(k))’
O wxamway Y

where Q(k) is the separation index of the grey class;
Ave is the average of the grey-value; Aver and W(k) are,

respectively, the mean of the grey-level class and the sum
of the grey-class histograms, which can be calculated via
the equations

k k
Aver(k)=> (i+1)Phs(i) and W(k)=>) Phs(i) ;

i=0 i=1
Phs(i) is the probability function of the grey level; i is the
grey level, and 0 < i < 255. When the Q(k) value is the
largest, the optimal threshold (T) is found. That is T=k-1.
Obviously, the threshold values of the meso images are
entirely different. In this study, the meso image threshold
was 0.1775. So, the meso image can be processed using
Otsu’s method after the median filtering and the binary
resultant image was obtained successfully (see Figure 4).
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Figure 4. Binary resultant image.

2.4 Establishing the numerical model

Because the meso image is a digital image and cannot be
identified by the finite-element software, it is necessary
to vectorize the digital image. With the help of vector
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software Corel DRAW, the digital image can be converted
into a vector graph, and the numerical model containing
the pore meso features can be established by importing
the finite-element software (ABAQUS). In this way, the
2D numerical model with the clay real mesostructures
was established successfully. Figure 5(a) shows the
numerical model and Figure 5(b) gives the mesh result
using the triangular element.
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Figure 5. (a) Numerical model; (b) mesh resultant.

AC YIELD

(Avg: 75%)
+1.000e+00
+9.167e-01
+8.333e-01
+7.500e-01
+6.667e-01
+5.833e-01
+5.000e-01
+4.167e-01
+3.333e-01
+2.500e-01
+1.667e-01
+8.333e-02
+0.000e+00

3 NUMERICAL ANALYSES AND RESULTS

3.1 Determination of the model parameters and the
boundary conditions

In this paper, the internal stresses evolution of the
air-dried clay under uniaxial compression considering
the effect of pore meso characteristics is discussed.
Therefore, it was assumed that the clay sample was in
accordance with the Mohr-Coulomb model. The model
is easy for obtaining the parameters of the material
required by the finite-element software (ABAQUS) using
the triaxial drained test: cohesion (c) and friction angle
(¢, no dilatancy here), which is, respectively, adopted as
50 KPa and 28.51°. According to the UC test conditions,
the boundary conditions of the numerical model were
set up, as shown in Figure 5(a). Then, the compression
process of the clay sample can be simulated by applying
the same load as the UC test.

3.2 Simulation results

Based on the numerical results of the Mohr-Coulomb
model, the partial regions (the red parts shown in Figure
6) present the shear yield. This is due to the fact that the
shear stress in this part of the region exceeds the shear
yield stress, while the others are still in an elastic state,
such as the blue region shown in Figure 6. It can be seen
that there is only a local yield and no through shear

band in the observed region collected by the mesoscopic
acquisition system, which qualitatively indicates that the
numerical simulation results of the region are consistent
with those of the UC test in the same region. In addition, it
can be seen from Figure 6 that the yield regions are mostly
like an “X” shape and mainly distributed near larger pores.

- R

[
No.14473 element

o, -"s‘
it N,

(N}
No.845 element b ‘
;)

Figure 6. Profile of shear yield area.
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In order to study the evolution of the internal stresses
from the mesoscopic perspective, four typical points

By using the image-finite-element method, the minor
principle stress, the major principle stress and the shear

stress of the whole field in the observed area can be
directly obtained. Tables 1 and 2 show the results at only
four points. It can be seen from the data in the table that
the stress values at each point are not only different but
also positive and negative. It is shown that the stress
states of each point are different from the mesoscopic
perspective, which should be the result of the influence
of the pore structures. Although it is also in the blue
region, the major principle stress at point No. 4679 near
the pore is about 2-2.5 times the value of the major
principle stress at the No. 14473 point, far away from
the pore. Similarly, even in the red region, the point No.

were selected, as shown in Figure 6. The first point is
marked No. 4679 element in the blue region of a large
pore boundary. The second point is labelled No. 845
element in a band of the red region between the two
pores. The third point is located in the blue area away
from the pores and labelled as the No.14473 element.
The last one labelled No.11363 element is in the red
region near a pore. Here are the quantitative results
of the four points of the minor principle stress (03),
the major principle stress (07), the shear stress (7), the
normal stress (o), the shear strength (Tf), and the deflec-
tion angle (0).

Table 1. Quantitative results of two points located in the red region.

NO. 845 element NO. 11363 element

Time
(s) 03 0 T o 77 0 03 o T o 5 0
(KPa) (KPa) (KPa) (KPa) (KPa) (KPa) (KPa) (KPa) (KPa) (KPa)

0.010 -0.47 -15.75 4.84 14.02 57.44 19.67 1.12 -6.11 1.34 5.72 53.04 16.31
0.020 -0.94 -31.41 9.69 27.92 64.82 19.77 2.26 -12.23 2.69 11.44 56.07 16.36
0.035 -1.60 -54.72 17.00 48.57 75.78 19.91 3.98 -21.42 4.73 20.03 60.63 16.44
0.058 -2.51 -89.27 28.01 79.02 91.94 20.12 6.61 -35.25 7.82 32.93 67.48 16.57
0.091 -4.13 -140.19 43.87 124.16 11591 20.09 10.70 -56.13 12.56 52.34 77.78 16.80
0.104 -4.82 -159.22 49.74 141.06 124.88 20.07 12.35 -64.04 14.40 59.65 81.66 16.94
0.105 -4.81 -160.98 50.31 142.61 125.70 20.07 12.52 -64.79 14.57 60.35 82.03 16.95
0.105 -4.81 -161.02 50.32 142.64 125.72 20.07 12.52 -64.81 14.58 60.36 82.04 16.95
0.105 -4.81 -161.08  50.34 142.69  125.75 20.07 12.53 -64.83 14.58 60.39 82.06 16.95
0.105 -4.80 -161.17 50.37 142.77 125.79 20.07 12.54 -64.87 14.59 60.43 82.08 16.96
0.105 -0.57 -169.69 55.89 148.58 128.87 20.70 12.58 -64.94 14.62 60.48 82.10 16.99
0.105 -0.58 -169.73 5591 148.60 128.88 20.70 12.60 -65.03 14.64 60.56 82.15 16.99
0.106 -0.60 -169.79 55.95 148.64 128.90 20.71 12.63 -65.16 14.67 60.68 82.21 16.99
0.106 -0.63 -169.88  56.00 148.69  128.93 20.73 12.67 -65.36 14.72 60.87 82.31 16.99
0.106 -0.68 -170.01 56.09 148.77 128.97 20.75 12.74 -65.66 14.79 61.14 82.46 17.00
0.107 -0.76 -170.22 56.21 148.89 129.04 20.79 12.84 -66.11 14.89 61.56 82.68 17.00
0.108 -0.86 -170.52 56.38 149.07 129.13 20.84 12.99 -66.79 15.04 62.19 83.01 17.01
0.110 -1.01 -170.95 56.63 149.32 129.26 2091 13.21 -67.81 15.28 63.13 83.51 17.02
0.112 -1.23 -171.57  57.00 149.69  129.46 21.01 13.56 -69.34 15.63 64.55 84.26 17.05
0.116 -1.55 -172.48 57.52 150.22 129.74 21.16 14.07 -71.63 16.16 66.67 85.39 17.09
0.121 -0.86 -170.52 58.56 147.06 128.06 21.84 14.87 -75.09 16.97 69.85 87.08 17.16
0.129 -0.31 -168.96 58.83 145.05 126.99 22.13 16.08 -80.29 18.21 74.63 89.61 ¢
0.142 -0.20 -168.65 59.52 144.01 126.44 22.50 17.97 -88.15 20.09 81.83 93.44 17.47
0.160 -0.51 -169.53  60.57 14395 126.41 22.90 21.12  -100.40  23.03 93.03 99.38 17.77
0.164 -0.66 -169.94 60.79 144.20 126.54 22.96 22.54 -104.11 24.05 96.26 101.10 18.08
0.169 -0.78 -170.28 60.98 144.38 126.64 23.02 22.16 -105.47  24.46 97.53 101.77 17.99
0.176 -0.65 -169.92 60.11 144.86 126.90 22.64 23.57 -101.51 27.15 90.50 98.04 22.09
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Table 2. Quantitative results of two points located in the blue region.

NO. 4679 element NO. 14473 element
Time
(S) 03 (4] T o Tf 6 03 (4] T g Tf 6
(KPa) (KPa) (KPa) (KPa) (KPa) (KPa) (KPa) (KPa) (KPa) (KPa)

0.010 -16.82  -13.59 3.94 12.10 56.42 20.72 -0.03 -5.46 0.18 5.45 52.89 1.87

0.020 -33.89  -27.20 7.94 24.17 62.83 20.92 -0.07 -10.91 0.36 10.90 55.79 1.91

0.035 -60.05  -47.67 14.05 42.22 72.41 21.21 -0.12 -19.10 0.65 19.08 60.13 1.97

0.058  -100.57 -78.48 23.46 69.17 86.72 21.66 -0.19 -31.39 1.12 31.35 66.64 2.06

0.091 -157.27 -121.25 3754 10555  106.03 22.69 -0.30 -49.90 1.90 49.82 76.45 2.20

0.104  -171.82 -133.87  42.52 11548  111.30 23.40 -0.32 -56.88 2.22 56.80 80.15 2.25

0.105 -173.01 -135.16  43.11 11640  111.79 23.52 -0.33 -57.55 2.25 57.46 80.50 2.25

0.105  -173.04 -135.19 43.13 116.43  111.80 23.53 -0.33 -57.56 2.25 57.47 80.51 2.25

0.105 -173.08 -13524  43.15 116.46  111.82 23.53 -0.33 -57.58 2.25 57.50 80.52 2.25

0.105 -173.14 -135.31 43.18 116.51  111.84 23.54 -0.33 -57.62 2.25 57.53 80.54 2.25

0.105  -172.02 -135.73  43.58 116.62  111.91 23.68 -0.31 -57.67 2.28 57.58 80.56 2.28

0.105  -172.15 -135.87  43.65 116.73  111.96 23.70 -0.31 -57.75 2.28 57.65 80.60 2.28

0.106  -172.33 -136.10 43.76 116.88  112.04 23.72 -0.31 -57.86 2.29 57.77 80.67 2.28

0.106  -172.61 -136.44  43.92 117.12  112.17 23.76 -0.31 -58.04 2.29 57.95 80.76 2.28

0.106  -173.03 -136.94  44.17 117.47  112.35 23.81 -0.31 -58.30 2.31 58.21 80.90 2.28

0.107  -173.64 -137.70  44.54 117.99  112.63 23.88 -0.31 -58.69 2.33 58.60 81.11 2.29

0.108  -174.56 -138.84  45.09 118.78  113.05 24.00 -0.31 -59.29 2.35 59.19 81.42 2.29

0.110  -17591 -140.54 4591 119.94  113.67 24.17 -0.31 -60.18 2.40 60.09 81.90 2.30

0.112  -177.86 -143.06  47.15 121.66  114.58 24.43 -0.32 -61.53 2.46 61.43 82.61 2.30

0.116  -181.47 -146.74  48.75 12438  116.02 24.66 -0.32 -63.55 2.55 63.45 83.68 2.31

0.121  -188.86 -151.37  50.43 128.08  117.99 24.80 -0.32 -66.60 2.69 66.49 85.29 2.33

0.129  -197.46 -15894  53.50 133.86  121.06 25.13 -0.33 -71.17 291 71.05 87.72 2.36

0.142  -209.74 -169.86  58.06 142.01  125.38 25.64 -0.31 -78.11 3.27 77.97 91.39 2.41

0.160  -227.86 -185.52  64.78 153.39  131.42 26.40 -0.25 -88.83 3.84 88.66 97.06 2.49

0.164  -232.24 -190.16  67.05 156.40  133.02 26.74 -0.20 -91.58 4.00 91.40 98.52 2.51

0.169  -237.63 -194.77  69.31 159.33  134.58 27.09 -0.11 -94.39 4.19 94.20 100.00 2.55

0.176 ~ -245.24 -200.93  72.57 162.86  136.45 27.69 0.22 -98.73 4.56 98.52 102.30 2.65

845 is significantly larger than the major principle stress with the increasing load. Obviously, when the load
at point No. 11363 because it is in a structure similar to is increased from 0 to 50% loads, although the initial
a“slender column”. deflection angle of each point is different, the evolution
curve is an increasing trend, but the slope is different.
Then, using the following equation (2), which is This suggests that the equilibrium of the internal and
transformed from the formula t = =-—=sin 26, the external forces of the clay sample at this stage is realized
deflection angle 6 at four points can be solved at every by the clay particles’ deflection. This is an interesting
loading state. phenomenon. The deflection angle at point No. 845 is
9 = %arcgin . Z_Ta ) almost unchanged between 25% and 50% of the load,
: which may be a sign that the “slender column” reached
Figure 7 (a), (b), (c) and (d) are the evolution curves a critical equilibrium. But, as the load continues to
of the deflection angles inclined in the direction of increase, the deflection angle at point No. 845 suddenly
the major principal plane, respectively. As shown in jumps significantly, and then increases rapidly until the
Figure 7, we can learn that, in both the red and blue maximum load. A small jump occurs at the point No.
regions, the deflection angles of the four points increase 4679 near the pore at 50% loads, like the point No. 845,

72.  Acta Geotechnica Slovenica, 2019/2



W. Wang et al.: Research on a numerical model of real mesostructures in the non-shear zone of clay

23.50

23.00

22.50

22.00

21.50

21.00

Deflection angle (°)

20.50
20.00

19.50
0.00 0.05 0.10 0.15 0.20

Time (s)

(a) NO. 845 element

30.00

25.00 —”’./'/’/"

20.00

15.00

Deflection angle (°)

10.00
5.00
0.00

0.00 0.05 0.10 0.15 0.20

Time (s)

(c) NO. 4679 element

Figure 7. Evolution curves

but not at the other two points. It can be seen that the
mesoscopic pore characteristics will affect the movement
of the clay particles. The curve slope of the point No.
845 after 50% loads is obviously higher than that of the
other points, and the deflection angle is shifted from

20 degrees to 23 degrees. This indicates that there is a
lack of effective constraints on the “slender column” in
the area, which makes the clay particles deflect easily,
thus exacerbating the growth of the major principal
stress and the meso shear stress and making the region
enter the plastic zone very quickly. Moreover, until near
the maximum load, the deflection angle at the point
No.11363 suddenly increased by 4 degrees, indicating
that there might be a large dislocation at this point to
cause small cracks. This might be due to the continued
expansion of the local band plastic zone in which the
point No. 11363 is located, as can be seen from Figure 6.
In addition, the change in trend of the deflection angles
at the two points No0.4679 and No. 14473 in the blue
region is relatively gentle, and the amplitude is not large.
It can be seen that the blue part of the observed region
is the main force-bearing body, which is called the

main carrier, while the red part is the secondary carrier.
From the above analysis, it can be concluded that the
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of deflection angle.

secondary carrier first enters the plastic zone under the
action of the load, and gradually affects the main carrier
through the adjustment until a new secondary carrier is
formed. The main reason is that there are a number of
weak structures in the clay sample, which are formed by
the existence of pores.

Further, the normal stresses at the four points, given
in Tables 1 and 2, were calculated using the following
equation (3).

an=$+%c0529 (3)
Next, according to the Mohr-Coulomb yield theory, the
shear strength at the four points can be drawn easily
using the formula 77 = ct0, tang. Figure 8 (a), (b), (¢)
and (d) show the curves of the meso shear stresses and
the meso shear strengths at the four points with the
increasing of loads, respectively. Figure 8 also describes
the relationship between the meso shear stress and the
meso shear strength at the same point. It can be seen
from Figure 8 that the meso shear strength is obviously
greater than that of the meso shear stress, indicating that
the clay particle aggregates in the observed area are still
able to withstand external loads. From Figure 8 (a) it can
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Figure 8. Profiles of meso shear stress and meso shear stress
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be seen that the variation curve of the meso shear stress
and the meso shear strength at the point No.845 after
50% loads tends to be horizontal, which indicates that
the stress state of the point No. 845 is no longer chang-
ing. Because there are pores on both sides of the site, the
secondary carrier cannot affect the main carrier, and

can only be connected with the main carrier through
both ends. Therefore, after a certain degree of stress,

the middle part cannot continue to bear a larger load.
Figure 8 (b) shows that the meso shear strength at the
point No.11363 begins to decrease near the maximum
load, while the meso shear stress still keeps increasing. It
can be seen that the dislocation of the clay particles can
lead to the initiation of tiny cracks, but it does not cause
damage. This is consistent with the previous conclusion.
The curve slope of meso shear stress and meso shear
strength at the point N0.4679 is almost the same, shown
in Figure 8 (c), and the final meso shear stress value is
similar to that of the point No.845, which is related to the
compactness degree of the clay particles weakened by its
unilateral pores. A significant difference from the other
points is that the meso shear stress at the point No.14473
is very slow to reach about 5 KPa (see Figure 8 (d)),
which is slightly smaller than the shear strength 12 KPa
of the clay sample obtained by the UC test. This indicates
that the clay particle aggregates far away from pores are
the main carrier, and the meso shear stress and the shear
strength of the clay samples are basically in the order of
magnitude. But the internal cause of shear failure of the
clay samples is the evolution of secondary carriers. In
short, some of the secondary carriers undergo adjust-
ment, yielding to cracking until multiple subcarriers

are connected to a single through shear band and
destroyed. In fact, the meso numerical model is capable
of withstanding loads, and mainly depends on the stress
network intertwined by main carriers and secondary
carriers. The evolution of the stress and strength in shear
band should be further studied by improving the testing
equipment and material parameters.

4 CONCLUSIONS

In this paper, a two-dimensional numerical analysis
method for clay is proposed, which reflects the real
mesoscopic characteristics, and it can also be extended
to other materials. The method is to convert the digital
image containing meso features information into a
numerical model for the calculation and analysis. With
the powerful post-processing function of the finite-
element software (ABAQUS), not only can the yield
position in the observed area be obtained, but also the
principal stress and meso shear stress of the whole field
can be easily obtained.
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The evolution laws of deflection angles and meso shear
stresses at four points are different in the compression
process. The change of deflection angle for each point is
to adapt to the external loads, they all increase with the
increasing of loads, but the change range near the pores
is larger, and the plastic zone is prone to dislocations
appearing. Moreover, the variation of the meso shear
stress and the meso shear strength at each point is also
affected by the internal pore characteristics. The weak
structure formed by the pores is prone to the plastic
zone, which leads to the evolution of secondary carriers.
Obviously, the pore structures play a significant role in
the evolution of the deflection angles and the meso shear
stresses, especially around the larger and denser pores.

Clay samples depend on a stable backbone of the stress
network with main and secondary carriers before failure.
Once multiple secondary carriers form a through shear
band, the clay samples will be destroyed.

The evolution of meso stress and the influence of pore
characteristics in the shear band need further study.
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Abstract

Guardrails are passive road restraint systems (RRS) used
at roadsides and medians to improve road safety. In the
case of inadequate post embedment depth of soil driven
posts may not function as intended and design cannot
provide adequate safety nor security for the impacting
vehicles. In general, the height of the steel guardrails varies
between 1600 and 2400mm. However, the characteristics
of the soil where the guardrails are driven are not taken
into consideration. In other words, a constant depth

of guardrail is used regardless of the type of soil. Post
embedment depths (PED) in steel guardrail systems are
currently determined based on strong soil properties. The
crash performance of these designs may not be appropriate
for locations where soil conditions are weaker than tested
conditions.

In this study, a series of field impact tests were performed
on soil embedded posts to determine optimum PED for

Kljuéne besede

ograja; steber; globina vpetja; lastnosti tal; interakcija
steber-tla; preizkus z nihalom

lzvlecek

Varovalne ograje so pasivni cestni zadrZevalni sistemi (RRS),
ki se uporabljajo ob robovih in na sredini cest za izboljsanje
varnosti v cestnem prometu. V primeru nezadostne globine
vpetja stebrov, vtisnjenih v zemljino, se lahko zgodi, da ne
delujejo kot je predvideno, zato konstrukcija ne more zago-
toviti zadostne varnosti ali varnosti za vozila, ki udarijo v
njo. Na splosno je visina jeklene varnostne ograje med 1600
in 2400 mm. Vendar pa se lastnosti tal, v katerih so vgrajene
varnostne ograje, praviloma ne upostevajo. Z drugimi
besedami, ne glede na vrsto tal, se izvaja konstantna globina
vpetja stebrov zascitne ograje. Globine vpetja stebrov (PED)
v sistemih jeklenih zascitnih ograj so trenutno dolocene na
podlagi visokih trdnosti tal. Zmogljivost teh modelov za trk
ni primerna za lokacije, kjer so trdnostne karakteristike tal
nizje od predpostavljenih v osnovnem izracunu.

V tej studiji so bili opravljeni terenski udarni preizkusi na
stebre vpete v tla, da bi dolocili optimalno globino vpetja

Acta Geotechnica Slovenica, 2019/2 77.



M. Ornek et al.: Soil based design of highway guardrail post depths using pendulum impact tests

three different soil conditions, namely hard, medium

hard and soft soil. A pendulum device is used to perform
dynamic impact tests on C type (C120x60x4), H type
(H150x90x6) and S type (S100x50x4.2) posts. Seven diffe-
rent PED values were used for each type of soil. A total of
63 impact tests proved that increased soil stiffness resulted
reduction in PED for the posts. Optimum PED values are
determined based on energy absorption of posts. With

the use of optimum length guardrail posts considerable
amount of installation time, labor and material savings
are expected.

1 INTRODUCTION

The roadside can be defined as the area between the
outside shoulder edge of a road and the right-of-way
limits [1]. The utilization of engineering treatments

in this area to improve traffic safety is referred to as
roadside safety design and guardrails are one of the most
widely used passive safety devices for roadsides.

Most guardrail designs in the world are made out of
steel or concrete. Concrete barrier designs usually do
not contain a foundation and they are simply placed

on the road surface. Thus soil-barrier interaction is not
an issue for concrete barriers. However, this is not the
case for steel designs. Posts of the steel guardrail designs
have to be either bolted to a concrete deck or driven into
the soil. Therefore, the connection and any details of
this connection have to be designed properly for a steel
guardrail to perform as intended.

Steel-guardrail designs are mostly installed in soil, since
the number of bridges in a standard highway project is
limited. For steel guardrails’ post-soil interaction the
properties of the soil and the extent of the post embed-
ment depth (PED) become essential parameters affecting
the impact performance [2,5,6]. With a lack of post-soil
interaction or an inadequate PED a steel guardrail

might not function as intended and the design cannot
provide adequate safety nor security for the impacting
vehicles. In general, the height of the steel guardrails
varies between 1600 and 2400 mm. However, the char-
acteristics of the soil where the guardrails are driven are
not taken into consideration. In other words, a constant
depth of guardrail is used, regardless of the type of soil.
Unfortunately, the PEDs in steel guardrail systems are
currently determined based on strong soil properties [3].
The crash performance of these designs might not be
appropriate for locations where the soil conditions are
weaker than the tested conditions.
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stebrov za tri razlicne trdnostne razmere v tleh, in sicer

trdo, srednje trdo in mehko zemljino. Nihalno napravo
uporabljamo za izvedbo dinamiénih udarnih preizkusov

na stebrih tipa C (C120x60x4), H (H150x90x6) in S
(§100x50x4.2). Za vsako vrsto tal je bilo uporabljenih sedem
razli¢nih vrednosti globin vpetja stebrov. Skupno je bilo tako
izvedenih 63 udarnih preizkusov, s ¢imer se je dokazalo,

da je povecana togost tal povzrocila zmanjsanje globine
vpetja stebrov. Optimalne vrednosti globine vpetja stebrov
se dolocijo na podlagi absorpcije energije stebrov. Z uporabo
optimalne dolZine stebrov zas¢itne ograje se pricakuje precej
prihranka pri éasu za vgradnjo, delu in materialu.

The European crash-test standard EN131 is a perfor-
mance-based standard. In other words, regardless of the
properties of the guardrail elements, only the impact-
response behavior of the guardrail is considered [4]. The
adequacy of guardrail systems is evaluated using the
EN1317 standard and successful designs receive certifica-
tion for highway use. This standard has been manda-
tory in Turkey since 2011 and it provides crash-test
procedures and acceptance criteria for crash tests. Even
though the guardrail post-soil interaction and the soil
properties are of importance in crash tests, EN1317 does
not provide detailed information on this topic. There

are not many studies in the literature about the post-soil
interaction based on experimental or numerical analyses.
This is why the crash-test standards do not contain any
details or details of the soil properties. The behavior of
sigma-type posts under semi-static and dynamic loading
on gravel soil were investigated with experimental and
numerical modeling by Wu and Thomson [6]. They used
a standard PED in the tests and modelled in the numeri-
cal analyses. Atahan and Cansiz [2] analyzed the crash
tests of the guardrails of circular wooden posts used in
the United States. Full-scale crash-test results were simu-
lated and detailed LS-DYNA analyses were carried out. It
is reccommended that the PED can be reduced in order to
improve the behavior of the guardrail system and energy
absorption. The behavior of a vehicle impacted guardrails
applied on surfaces with variable inclination was inves-
tigated by Atahan [7]. The study was based on the crash
effect of the vehicle existing in the slopes. In the study,
the slopes are modelled as 1:1, 2:1, 4:1, 6:1, 8:1 and 10:1
(horizontal: vertical) and the stability of the vehicle and
the adequacy of the guardrail system during the vehicle
crash are examined using a software LS-DYNA program.
The results showed that vehicles on 4:1 and more slopes
could interact more securely with the guardrail system.
A similar study was carried out by Marzougui et al. [8].
The purpose of this study is to investigate the use of

rope guardrails in safety zones. The rope guardrails with
different geometries, vehicles and surface inclinations
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were studied as variables using the LS-DYNA program.
Vehicle safety was studied and used to determine the
most suitable configurations for rope guardrails. Polivka
et al. [9] investigated the vehicle stability by driving a

2:1 (horizontal: vertical) slope guardrail system. The
study involved an actual crash test and the guardrail
system was able to stop the crashing vehicle safely. A
study was conducted by Reid [5] to demonstrate road
safety using the LS-DYNA program. In this study it was
shown that how efficient the LS-DYNA program is and
how accurately it can predict the dynamic interactions.
Sheikh and Bligh [10] conducted a study on the effect

of the inclination of the refugees on vehicle behavior

and accordingly the selection of the concrete barrier
locations. An optimization study was carried out on the
selection of the location of concrete barriers for different
slopes using the LS-DYNA program. In addition, Bonin
etal. [11] and Atahan et al. [3] conducted a structural
efficiency analysis of many road-safety structures using
the LS-DYNA program. The structures examined in these
studies are crossing guardrails, bridge barriers, energy-
absorbing crash posts and guardrails. The effects of water
content, lime content and compaction energy on the
compaction characteristics of lime-treated loess highway
embankments were investigated using laboratory and
in-situ compaction tests [14]. The maximum dry density
and the optimum water content of loess with different
lime contents were determined. The results indicate that
the maximum dry density increases due to the increase of
the water content. It was also reported that a higher water
content and compaction energy is needed for the opti-
mum compaction. Woo et al. [15] used the conventional
3D finite-element approach and the hybrid approach
that combines Lagrange and SPH (smoothed particle
hydrodynamics) elements to evaluate the response of

a laterally loaded single guardrail post with a square

tube embedded in the sloping ground. They reported
that these approaches seem to be suitable to model the
ground slope, as well as to obtain the response of the
soil-post system dominated by bending deformations.
El-Maaty [16] investigated the effect of including differ-
ent reinforcement types on reducing the rapid accumula-
tion of pavement damage caused by freeze-thaw cycles or
the low strength of a silty pavement foundation. The CBR
strength and freeze-thaw behavior were tested with the
inclusion of randomly distributed fibers, chemical addi-
tives and waste or by-product materials. It is concluded
that the unsubmerged samples reinforced with waste
materials provided a significant improvement in the CBR
strength and the best performance was observed with the
submerged samples treated with chemical additives of
10%. Grouting is an effective way to improve the strength
characteristics significantly and can also contribute to
the stabilization of sand. Gamil et al. [17] developed a

simulation and instrumental setup to be used for cement
grouting. The shear strength of the sand was recorded
before and after the grouting procedure. They reported
that the shear strength increased after injecting the sand
with cement and the setup produced accurate grouted
samples with an even distribution of the cement mix.
Hussain [18] examined the effect of the compaction
energy of the engineering properties, i.e., compaction
characteristics, unconfined compressive strength,
California bearing ratio and the swell percentage of the
soil. Substantial improvements in these properties were
obtained in the tests. It is reported that compacting the
soil at higher compaction energy levels can provide an
effective approach to the stabilization of expansive soils
up to a particular limit. The swell potential is increased
due to the reduction in the permeability of the soil when
the soil is compacted more than this limit.

As seen from studies in the literature, the design of the
guardrail systems are planned without soil conditions.
In general, a constant depth of guardrail is used regard-
less of the type of soil. Actually, the soil conditions
directly affect the post embedment depths (PEDs) in
steel guardrail systems. In other words, it is not a proper
engineering approach to use the same PEDs for different
soil characteristics. This study focused directly on the
performance of the guardrails under different soil condi-
tions. In this study, a series of field pendulum-impact
tests were conducted in Iskenderun, Hatay, Turkey. These
tests were performed on soil embedded posts to deter-
mine the optimum PED for three different soil condi-
tions, i.e., hard, medium-hard and soft soil. A pendulum
device was used to perform the dynamic impact tests on
C-type (C120x60x4), H-type (C150x90x6) and S-type
(S100x50x4.2) posts. Seven different PED values were
used for each type of soil. These values are varied from
600 mm to 900 mm for C-type posts; varied from 700
mm to 1300 mm for H-type and S-type posts. A total of
63 impact tests performed proved that the increased soil
stiffness resulted a reduction in the PED for the posts.
Optimum PED values were determined based on the
energy absorption of the posts. With the use of optimum-
length guardrail posts a considerable amount of installa-
tion time, labor and material savings are expected.

2 FIELD TESTS

2.1 Site Characterization

Three different soil pits were prepared for the field
impact testing. The dimensions of these pits were 1.0 m
wide x 60.0 m long x 1.5 m deep, as shown in Figure

1. A total of 63 posts with 1.0 m spacing were installed
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Figure 1. Preparation of soft, medium hard and hard soil pits for post installation.

in these three soil pits. The dimensions of the soil pits
were selected based on the largest PED used in the study,
potential post removal during tests, prevention of any
interaction between posts and economic considerations.

The soil used in the pits represents the standard base
granular material used by the Turkish Road Authorities
[12]. To determine the geotechnical properties of the
granular material to be used in these pits a series of labo-
ratory tests, such as grain-size analysis, moisture content,
field density, unit weight, shear box, standard and
modified proctor tests were performed. The results of
these experiments are presented in Table 1. The grading
curve of the granular material used in the tests is given
in Figure 2. After the laboratory tests, selected granular
materials were used to construct the pits. Sand Cone and
California Bearing Ratio tests were used to verify the
density of the granular material for hard, medium-hard
and soft soil conditions. The results of these field tests are
listed in Table 2. As shown, acceptable soil stiffness levels
were reached before the initiation of the post-installation
procedure. At the same time, the density indices of the
soil pits are 80%, 88% and 95% for the loose, medium-
hard and hard soil conditions, respectively.
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Figure 2. Grading curve of the granular material used in the tests.
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Table 1. Geotechnical properties of the soil from laboratory
tests.

Parameter Property

SP (USCS); A3 (AASHTO); Sand

i1 lassificati
Soil classification (triangular classification)

Water content 4%
Dry density max: 21.0 kN/m?; min: 16.0 kN/m?
Particle density 25.3 kN/m?

Internal friction angle  soft: 36°% medium hard: 44° hard: 48°

Max. dry density and
optimum water content Viemax = 21.0 kN/ m; Wopt = 8%
(standard proctor test)

Max. dry density and
optimum water content Viemax = 22.0 kN/ m; Wopt="7%
(modified proctor test)

Table 2. Geotechnical properties of the soil from field tests.

Name Test Result
Loose: 17.0 kN/m?
Sand Cone Test Medium dense: 18.5 kN/m?

Dense: 20.0 kN/m?

Loose: 36%
CBR Test Medium dense: 64%
Dense: 95%

2.2 Details of guardrail posts used and experimen-
tal setup

Three different shaped posts, i.e., C-type (C120x60x4),
H-type (H150x90x6) and S-type (S100x50x4.2) are
used in this study. Typical views of the posts are given
in Figure 3. As shown in Tables 3-5, the PED ranged
from 650 mm to 900 mm for C-type posts, ranged from
700 mm to 1300 mm for H-type and S-type posts for all
three soil conditions. In this table from the test codes,
the letter gives the soil type and the numbers indicate
the PED values. The posts were driven into the soil using
a post-installation machine and a picture of the instal-
lation procedure is shown in Figure 4. To deliver the
impact forces to the posts, a 1 kg pendulum device was
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(a) C type posts

(b) H type posts

(c) S type posts

Figure 3. Typical views of the posts used in the study.

used. The pendulum was raised 1.5 m using an electric
motor and the impacted posts about 550 mm above
ground level. This distance represents the bumper height
of an average small car. In this test setup, the pendulum
applied 14.7 k] of kinetic energy to the posts. A picture of
the pendulum used in this study is shown in Figure 5. An
accelerometer was installed on the pendulum to measure
the acceleration-time history during impact. As shown

in Figure 6, a data-acquisition system is setup to transfer
the acceleration data in the x, y and z directions from

Table 3. Details of guardrail posts tested (C type).

the accelerometer to an 8-channel data collector and
from there to a computer. The acceleration-time histories
for all 63 impact tests are recorded in Excel format.

This history is used to calculate the velocity-time and
eventually the displacement-time histories. The force is
calculated based on the mass multiplied by the measured
acceleration. Eventually, a force-displacement history is
obtained from all 63 impact cases. The area under these
curves represented the work done, in other words, the
energy absorbed by the post-soil interaction.

Table 4. Details of guardrail posts tested (H type).

Post . PED (mm) Soil .Chzltrac— Code Post . PED (mm) Soil .Cha.rac— Code
Designation terization Designation terization
600 H-600 700 H-700
650 H-650 800 H-800
700 H-700 900 H-900
750 H H-750 1000 H H-1000
(Hard) _ _ (Hard) _

800 H-800 1100 H-1100
850 H-850 1200 H-1200
900 H-900 1300 H-1300
600 M-600 700 M-700
650 M-650 800 M-800

< ©

é 700 M M-700 § 900 M M-900

S 750 (Medium M-750 s 1000 (Medium M-1000

= Hard) = Hard)

O 800 M-800 T 1100 M-1100
850 M-850 1200 M-1200
900 M-900 1300 M-1300
600 S-600 700 S-600
650 S-650 800 S-650
700 S-700 900 S-700

I S v I S v

750 (Soft) S-750 1000 (Soft) S-750
800 S-800 1100 S-800
850 S-850 1200 S-850
900 $-900 1300 $-900
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Table 5. Details of guardrail posts tested (S type).

Post Soil Charac-

Designation PED (mm) terization Code
700 H-700
800 H-800
900 H-900
1000 (HI:rd) H-1000
1100 H-1100
1200 H-1200
1300 H-1300
700 M-700
800 M-800
g 900 M M-900
s 1000 (Medium M-1000
S IV Hard) o tinn
= 1100 M-1100
1200 M-1200
1300 M-1300
700 $-600
800 $-650
900 $-700
1000 (S(S)ﬁ) $-750
1100 $-800
1200 $-850
1300 $-900

82.

Figure 4. Installation of posts in soil.
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Figure 5. Pendulum test device used in dynamic impact tests
with three dimensional accelerometer.

Figure 6. Data acquisition setup used during dynamic pendulum
testing (1) data cable between accelerometer and data collector box,
(2) 8-channel data collector, (3) recording data in a computer.

3 TEST RESULTS AND DISCUSSION

3.1 Visual inspections

A total of 63 impact tests were performed using the
pendulum device. Each of the test results was recorded
visually and analytically. The general views for the
different soil conditions (soft-S, medium hard-M and
hard-H soil) after the tests where C-type posts were used
are given in Figure 7. And then a qualitative evaluation
of all the tests is presented in Tables 6-8. In general,
when an insufficient PED is used the posts exhibited
an upwards movement and in some cases were almost
completely removed from the soil. On the other hand,
when sufficient PED is used, the posts remained in the
soil with minimal upward motion and in some cases
post buckling was observed.
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Table 6. Qualitative evaluation of the pendulum test results (C-type post).

PED Soil Stiffness
(mm Hard (H) Medium hard (M) Soft (S)
1 The post moved upwards in the ground, but The post moved upwards in the ground
was not completely removed from the soil. and completely removed from the soil.
600 The soil body is collapsed. The pendulum Same as H-600 The soil body is collapsed. The pendu-
slowed down after impact lum movement continued.

The post movement in the soil is less than
650 H-600, but the soil body is collapsed. The Same as M-600 Same as S-600
pendulum stopped after the impact.

The post’s upwards movement is not ob- Somewhat improvement com-
served and minimal soil movement occurred. pared to the M-650 case. The soil
The post-soil interaction and energy absorp-  body is collapsed. The pendulum

tion are acceptable. stopped after the impact.

700 Same as H-600

Due to sufficient PED, slight post buckling
750  is observed. Post-soil interaction and energy Same as H-700 Same as M-700
absorption are acceptable.

Post buckling becomes more visible. Post-soil

800 interaction and energy absorption is accept- Same as H-750 Same as H-700
able.

850 Same as H-800 Same as H-800 Same as H-800

900 Same as H-800 Same as H-800 Same as H-800

Figure 7. General views of the soil for C-type posts after the impact tests.

Acta Geotechnica Slovenica, 2019/2 83.



M. Ornek et al.: Soil based design of highway guardrail post depths using pendulum impact tests

Table 7. Qualitative evaluation of the pendulum test results (H-type post).

PED Soil Stiffness
(mm Hard (H) Medium hard (M) Soft (S)
The post moved upwards in the ground but ~ The post moved upwards in the .
. . The maximum post movement was
200 was not completely removed from the soil. ground and the soil body col-

The soil body is collapsed. The pendulum

movement continued.

lapsed. The pendulum movement

observed and the soil body collapsed.

. The pendulum movement continued.
continued.

The post movement in the soil is less than
800 H-700, but the soil body is collapsed. The
pendulum stopped after the impact.

The post movement in the soil
is less than M-700 and the soil
body is collapsed. The pendulum
stopped after the impact.

The post movement in the soil is less
than S-700 and the soil body is col-
lapsed.

Due to sufficient PED, slight post buckling
900  is observed. Post-soil interaction and energy
absorption are acceptable.

Due to sufficient PED, slight post
buckling is observed. Post-soil
interaction and energy absorp-

Due to sufficient PED, slight post buck-
ling is observed. The post movement
in soil is great compared with hard and

tion are acceptable. medium-hard soil types.

Post-soil interaction and energy absorption

1000 Same as H-1000 Same as H-1000
are acceptable.
1100 Same as H-1000 Same as H-1000 Same as H-1000
1200 Same as H-1000 Same as H-1000 Same as H-1000
1300 Same as H-1000 Same as H-1000 Same as H-1000
Table 8. Qualitative evaluation of the pendulum test results (S-type post).

PED Soil Stiffness
(mm Hard (H) Medium hard (M) Soft (S)

The post moved upwards in the ground, but .

was not completely removed from the soil The maximum post movement was
700 Y : Same as H-700

The soil body is collapsed. The pendulum
movement continued.

observed and the soil body collapsed.
The pendulum movement continued.

The post movement in the soil is less than
800  H-700, but the soil body collapsed. The pen-
dulum stopped after impact.

The post movement in the soil is less
than S-700 and the soil body collapsed.
The pendulum movement continued.

Same as H-800

The post’s upwards movement is not ob-
served and minimal soil movement occurred.

The post movement in the soil is less
than S-800, but the soil body is col-

900 Post-soil interaction and energy absorption Same as H-900 lapsed. The pendulum stopped after the
are acceptable. impact.
Due to sufficient PED, slight post buckling
1000  is observed. Post-soil interaction and energy Same as H-1000 Same as H-1000
absorption are acceptable.
. o, . The post’s upwards movement is
1100 Post buckling becorrlles tmore visible. Soil not observed and minimal soil Same as H-1100
movement is negligible.

movement occurred.

1200 Post buckling becomes more visible. Dueto sufﬁ.c1en.t PED, slight post Same as M-1100
buckling is observed.

1300 Same as H-1200 Same as H-1200 Same as M-1200

3.2 Analytical Calculations

The maximum measured accelerations and the energy
absorbed, calculated using the area under the force-
deformation curve for all 63 impact tests, are presented
in Table 9. In the pendulum test, the mass of 750kg
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was lifted 1.5m each time and then released free. A
kinetic energy of 11.04 kJ was applied to the posts by the
pendulum. This value was determined using the standard
kinetic energy formula after calculating the velocity that
the post had just before the impact. Compared to the
energy levels applied to the guardrail systems by the vehi-
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Table 9. Maximum energy absorption and acceleration calculations for the pendulum tests.

Soil Stiffness
Post PED Hard (H) Medium hard (M) Soft (S)
type  (mm) Max. Energy Max. Accel. Max. Energy Max. Accel. Max. Energy Max. Accel.
Absorbed (k]) (2) Absorbed (k]) (g) Absorbed (k]) (g)
600 0.72 -2.88 0.66 -2.06 0.49 -1.08
%) 650 2.93 -4.05 2.11 -2.90 1.77 -2.45
3 700 3.27 -4.52 2.35 -3.25 2.14 -2.96
?)2 750 4.58 -6.33 3.29 -4.55 2.89 -3.99
g 800 5.75 -11.95 4.14 -10.72 3.31 -7.93
© 850 6.86 -18.48 4.94 -16.83 4.01 -13.54
900 7.92 -25.85 6.13 -24.47 5.19 -18.87
700 10.03 -34.81 9.56 -33.21 8.89 -31.65
o) 800 10.65 -35.05 10.12 -34.54 9.34 -32.68
© 900 11.04 -35.26 10.74 -35.12 10.01 -33.84
% 1000 11.04 -35.32 11.04 -35.51 10.71 -34.82
e 1100 11.04 -35.45 11.04 -35.47 11.04 -35.21
O 1200 11.04 -35.41 11.04 -35.61 11.04 -35.52
1300 11.04 -35.56 11.04 -35.55 11.04 -35.49
700 3.32 -4.59 3.07 -4.24 0.92 -1.27
2 800 5.31 -7.34 5.11 -7.06 2.22 -3.07
;! 900 6.61 -9.14 6.39 -8.83 2.95 -4.08
é 1000 7.51 -10.38 7.17 -9.91 3.61 -8.99
é 1100 8.05 -18.13 7.77 -17.74 4.26 -15.89
O 1200 8.44 -19.67 8.01 -18.07 6.03 -16.84
1300 9.61 -25.28 8.31 -23.21 7.93 -21.75
25
= /A\\ 180 Hiz Filter |
S ETEAN
3
VAR %
£ 05 i~ —
€ [a.?z K I \
05 \
-1.0 V
-15
00 01 02 03 04 05 06 07 08 09
Deformation (m)
Figure 8. Typical force-deformation curve after the impact test.
cles in the actual crash tests, the 11.04 k] is a reasonable E=0.5m V?>=0.5x 750 x 5.43> =11.04 kjoule (3)

energy level that can be used to determine the impact
behavior of the post driven into the soil. The following
equations were used to calculate the energy level.

During the impact, this energy is absorbed by the post
and the absorption depends directly on the post materi-
al’s strength, the PED and the soil properties. The impact

moh=05mV? 1) of the pendulum on the posts means that all its energy
g ’ transmits to the post. A typical force-deformation curve
V=02gh’ = 2x981x1.5%=543m/s (2) is given in Figure 8 for the C-type posts, 600mm of PED

and the hard-soil condition.

Acta Geotechnica Slovenica, 2019/2 8b.
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VPL= constant (700 mm for C and S types) —
constant (1200 mm for H type)

:

PED=variable
1.5m

60.0 m

Figure 9. Cross-sections of the soil pits and the PEDs.

4 EVALUATION OF FIELD TEST RESULTS

In this study, three different post shapes, i.e., C type
(C120x60x4), H type (H150x90%6) and S type
(S100x50x4.2) are used. The PED ranged from 650 mm
to 900 mm for the C-type posts and ranged from 700
mm to 1300 mm for the H-type and S-type posts for

all three soil conditions. The visible post length (VPL)
above the soil was kept constant at 700 mm for the

C- and S-type posts and 1200 mm for the H-type post.
Figure 9 shows cross-sections of the soil pits and PEDs.

The posts were embedded in soft, medium-hard and
hard soil conditions, for which the soil properties are
given above. The relations of the post embedment depth/
visible post length (PED/VPL), energy-absorption
capacity (EAC) for different soil (soft, medium-hard
and hard) and post types (C, H and S type) are given

in Figure 10. As shown in this figure, there is a linear
relationship between the PED/VPL ratio and the
magnitude of the energy-absorption capacity increases
when the PED/VPL ratio increases for all the types of
soil and post. For the C-type posts given in Figure 10a,
the energy-absorption capacity increases from 4.44% to
47.01% when the PED increases from 600 mm to 900
mm in a soft-soil environment. Similarly, in the case

of medium-hard soil, when the PED increases from

600 mm to 900 mm, the energy-absorption capacity
increases from 5.98% to 55.53%. In the hard-soil condi-
tions, this value increases from 6.52% to 71.74%. Similar
observations are obtained for the H-type and S-type
posts, given in Figure 10b and c.

The internal friction angle of the soil (¢) - EAC (%)
relation of the C-, H- and S-type posts that embedded
in soft, medium-hard and hard soils are presented in
Figure 11. These relationships are given for different
PED values. In these figures, the soft, medium-hard and
hard soils are represented by internal friction angles of
36°, 44° and 48°, respectively. As shown in these figures
there is a linear relationship between the internal fric-
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conditions.
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Figure 11. EAC-¢ relationship according to the PED values.

tion angle and the magnitude of the energy-absorption
capacity. Note that the EAC increases when ¢ increases
for all the types of soil and post. For the H-type posts
given in Figure 11b, the energy-absorption capacities
are 97.01%, 100.0% and 100.0%, for the soft (¢=36°),
medium-hard (¢=44°) and hard (¢=48°) soil conditions,
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£ PED=800mMM
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— &0 J X PED=1100mm <@ A B
E' % PED=1200mm
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OPED=1000mm  JKPED=1100mm X PED=1200mm
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(c) S type posts

Figure 12. EAC-CBR relationship according to the PED values.

respectively. For the same soil stiffness (for example,
¢=48°) the energy-absorption capacity increases with
an increase in a certain value of the PED and then it
remains constant. For the H-type posts, for PED values
700 mm, 1000 mm and 1300 mm, the EAS are 90.85%,
100.0% and 100.0%, respectively.
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The European crash-test standard EN1317 is a
performance-based standard. In other words, the
impact-response behavior of the guardrail designs

are considered, regardless of the guardrail material,
geometry or soil properties. This study focused on this
phenomenon and evaluated the safety performance of
the guardrail posts when they are installed into various
soil types, such as soft, medium-hard and hard. In this
study it is agreed that the post behaves in a similar way
to laterally loaded piles [13]. In the case of axially loaded
piles, loads are transferred to the soil by shaft friction
and base resistance. This total resistance resulted from
the shaft resistance and end-bearing resistance, provid-
ing the equilibrium conditions. In the end-bearing

piles, it is essential to have the pile base inserted into

a stronger soil layer, such as dense sand, stiff clay or
rock. If no such strong layer is available at the site,

then the loads are carried only by the shaft friction. In
the laterally loaded pile phenomenon, piles behave as
transversely loaded beams. The lateral load is transferred
to the surrounding soil mass by using the lateral resis-
tance of the soil. A part or complete pile tends to shift
horizontally in the direction of the applied load, causing
pile bending, pile rotation or pile translation, depend-
ing on the posts stiffness, load value and soil property.
The soil mass lying in the direction of the applied load
generates compressive and shear stresses and strains in
the soil that offers resistance to the pile movement. The
soil-based results are interpreted in terms of the laterally
loaded pile mechanism. In the current study, dynamic
pendulum tests were performed to determine the
optimum PED values for different soil conditions. Based
on a total of 63 test results, the suggested optimum PED
values for different types of soil and posts are given in
Table 10, including the application standard. As seen
clearly from Table 10, the optimum PEDs suggested in
this study are smaller than the applied ones, especially in
the hard and medium-hard soil conditions.

Table 10. Suggested and applied PED values.

Optimum post embedment depth (PED,)

Post Hard soil Medium-Hard soil Soft soil

PEDsuggested / PEDapplied

Ctype 750mm/950mm  850mm/950mm  950mm /950mm

Stype 1000mm /1200mm 1100mm /1200mm 1200mm / 1200mm

Htype 800mm/1230mm 900mm/1230mm 1000mm /1230mm

Table 11 gives the amount of saving percentages for one
post for each type of post and soil used. It was deter-
mined that significant savings were made, especially in
C- and H-type posts and also for hard-soil conditions.
Considering the optimum length in the guardrail post
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design, significant savings can be achieved for a mile of
road. In other words, with the use of the optimum length
of guardrail posts, a considerable amount of installation
time, labor and material savings are expected. This study
has shown that the optimum embedment depths of

the guardrail posts can be decided by determining the
soil properties in the light of the standard geotechnical
experiments to be performed on the roads where the
guardrail post is to be installed.

Table 11. Amount of savings according to PEDy.
Post Hard soil ~ Medium-Hard soil Soft soil

C type 21.05% 10.53% 0.00%
S type 16.67% 8.33% 0.00%
Htype  34.96% 26.83% 18.70%

5 CONCLUSIONS

In this study a series of field pendulum-impact tests
were performed on soil-embedded posts to determine
the optimum PED for three different soil conditions,
namely, hard, medium-hard and soft soil. A pendulum
device was used to perform the dynamic impact tests on
C-type (C120x60x4), H-type (C150x90x6) and S-type
(S100x50x%4.2) posts with seven different PED values
used for each type of soil. Based on the research find-
ings, the following specific conclusions can be drawn:

- Dynamic pendulum tests proved that an increased
soil stiffness resulted in a reduction in PED for the
posts due to an improved post-soil interaction.

- Itis determined that the posts tend to move upwards,
get out of the soil quickly and thus could not provide
enough resistance when the PED is insufficient.

- Soil stiffness has an important effect on the impact-
-response behavior of the guardrail posts. There is a
linear relationship between the internal friction angle
and the magnitude of the energy-absorption capacity
increases when ¢ increases for all the types of soil
and post. Similar behavior was observed from a CBR
perspective.

- It has been determined that significant savings have
been made, especially in C- and H-type posts and
also for hard soil conditions.

- When comparing the optimum values with the stan-
dards, the savings obtained for hard soils can reach
up to 35% for H-type posts. These savings are about
20% for C-type posts and about 15% for S-type posts.

- Considering the larger PED in similar guardrail
systems in use today, designs with optimum PED will
help save a considerable amount of installation time,
labor and material.
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NAVODILA AVTORJEM

NAVODILA AVTORJEM

Vsebina ¢lanka

Clanek naj bo napisan v naslednji obliki:

— Naslov, ki primerno opisuje vsebino ¢lanka in ne
presega 80 znakov.

— Izvlecek, ki naj bo skraj$ana oblika ¢lanka in naj ne
presega 250 besed. Izvlecek mora vsebovati osnove,
jedro in cilje raziskave, uporabljeno metodologijo
dela, povzetek izidov in osnovne sklepe.

— Najvec 6 klju¢nih besed, ki bi morale biti napisane
takoj po izvlecku.

- Uvod, v katerem naj bo pregled novejSega stanja in
zadostne informacije za razumevanje ter pregled
izidov dela, predstavljenih v ¢lanku.

- Teorija.

— Eksperimentalni del, ki naj vsebuje podatke o postavitvi
preiskusa in metode, uporabljene pri pridobitvi izidov.

- Izidi, ki naj bodo jasno prikazani, po potrebi v obliki
slik in preglednic.

- Razprava, v kateri naj bodo prikazane povezave in
posplositve, uporabljene za pridobitev izidov. Prika-
zana naj bo tudi pomembnost izidov in primerjava s
poprej objavljenimi deli.

— Sklepi, v katerih naj bo prikazan en ali ve¢ sklepov, ki
izhajajo iz izidov in razprave.

— Vse navedbe v besedilu morajo biti na koncu zbrane
v seznamu literature, in obratno.

Dodatne zahteve

- Vrstice morajo biti zaporedno o$tevil¢ene.

- PredloZen ¢lanek ne sme imeti vec¢ kot 18 strani (brez
tabel, legend in literature); velikost ¢rk 12, dvojni
razmik med vrsticami. V ¢lanek je lahko vkljuéenih
najve¢ 10 slik. Isti rezultati so lahko prikazani v tabe-
lah ali na slikah, ne pa na oba nacina.

- Potrebno je priloziti imena, naslove in elektronske
naslove $tirih potencialnih recenzentov ¢lanka.
Urednik ima izklju¢no pravico do odlo¢itve, ali bo te
predloge uposteval.

Enote in okrajSave

V besedilu, preglednicah in slikah uporabljajte le
standardne oznacbe in okraj$ave SI. Simbole fizikalnih
veli¢in v besedilu pisite poSevno (npr. v, T'itn.). Simbole
enot, ki so sestavljene iz ¢rk, pa pokonéno (npr. Pa,

m itn.). Vse okrajsave naj bodo, ko se prvi¢ pojavijo,
izpisane v celoti.
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Slike

Slike morajo biti zaporedno ostevil¢ene in oznacene, v
besedilu in podnaslovu, kot sl. 1, sl. 2 itn. Posnete naj
bodo v katerem koli od razsirjenih formatov, npr. BMP,
JPG, GIE Za pripravo diagramov in risb priporo¢amo
CDR format (CorelDraw), saj so slike v njem vektorske
in jih lahko pri kon¢ni obdelavi preprosto povecujemo ali
pomanjsujemo.

Pri oznacevanju osi v diagramih, kadar je le mogoce,
uporabite oznacbe veli¢in (npr. v, T'itn.). V diagramih z
vec krivuljami mora biti vsaka krivulja oznac¢ena. Pomen
oznake mora biti razloZen v podnapisu slike.

Za vse slike po fotografskih posnetkih je treba priloziti
izvirne fotografije ali kakovostno narejen posnetek.

Preglednice

Preglednice morajo biti zaporedno ostevil¢ene in
oznacene, v besedilu in podnaslovu, kot preglednica 1,
preglednica 2 itn. V preglednicah ne uporabljajte
izpisanih imen veli¢in, ampak samo ustrezne simbole. K
fizikalnim koli¢inam, npr. ¢ (pisano posevno), pripisite
enote (pisano pokon¢no) v novo vrsto brez oklepajev.
Vse opombe naj bodo oznacene z uporabo dvignjene
stevilke!.

Seznam literature

Navedba v besedilu

Vsaka navedba, na katero se sklicujete v besedilu, mora
biti v seznamu literature (in obratno). Neobjavljeni
rezultati in osebne komunikacije se ne priporocajo v
seznamu literature, navedejo pa se lahko v besedilu, ¢e je
nujno potrebno.

Oblika navajanja literature

V besedilu: Navedite reference zaporedno po $tevilkah v
oglatih oklepajih v skladu z besedilom. Dejanski avtorji
so lahko navedeni, vendar mora obvezno biti podana
referen¢na Stevilka.

Primer: »..... kot je razvidno [1,2]. Brandl and Blovsky
[4], sta pridobila drugacen rezultat.. .«

V seznamu: Literaturni viri so o$tevil¢eni po vrstnem
redu, kakor se pojavijo v ¢lanku. Oznacdimo jih s
Stevilkami v oglatih oklepajih.

Sklicevanje na objave v revijah:

[1] Jelusi¢, P, Zlender, B. 2013. Soil-nail wall stability
analysis using ANFIS. Acta Geotechnica Slovenica
10(1), 61-73.



Sklicevanje na knjigo:

[2] Suklje, L. 1969. Rheological aspects of soil mechan-
ics. Wiley-Interscience, London

Sklicevanje na poglavje v monografiji:

[3] Mitchel, J.K. 1992. Characteristics and mechanisms
of clay creep and creep rupture, in N. Guven, R.M.
Pollastro (eds.), Clay-Water Interface and Its Rheo-
logical Implications, CMS Workshop Lectures, Vol.
4, The clay minerals Society, USA, pp. 212-244..

Sklicevanje na objave v zbornikih konferenc:

[4] Brandl, H., Blovsky, S. 2005. Slope stabilization with
socket walls using the observational method. Proc.
Int. conf. on Soil Mechanics and Geotechnical Engi-
neering, Bratislava, pp. 2485-2488.

Sklicevanje na spletne objave:

[5] Kot najmanj, je potrebno podati celoten URL. Ce
so poznani drugi podatki (DOIL, imena avtorjev,
datumi, sklicevanje na izvorno literaturo), se naj
prav tako dodajo.

INSTRUCTIONS FOR
AUTHORS

Format of the paper
The paper should have the following structure:

- A Title, which adequately describes the content of
the paper and should not exceed 80 characters;

— An Abstract, which should be viewed as a mini
version of the paper and should not exceed 250
words. The Abstract should state the principal
objectives and the scope of the investigation and the
methodology employed; it should also summarise
the results and state the principal conclusions;

— Immediately after the abstract, provide a maximum
of 6 keywords;

- An Introduction, which should provide a review of
recent literature and sufficient background informa-
tion to allow the results of the paper to be under-
stood and evaluated;

— A Theoretical section;

- An Experimental section, which should provide
details of the experimental set-up and the methods
used to obtain the results;

— A Results section, which should clearly and concisely
present the data, using figures and tables where
appropriate;

— A Discussion section, which should describe the
relationships shown and the generalisations made
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