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Izvleček

Varaždin se nahaja v severozahodnem delu Hrvaške 
na mestu plitvih kvartarnih aluvialnih sedimentov reke 
Drave. Aluvialni mehki sedimenti lahko igrajo ključno 
vlogo pri ojačanju gibanja potresnih valov v tleh. Hitrost 
strižnega valovanja (VS) je eden izmed najbolj pomemb-
nih parametrov za določanje dinamičnih lastnosti tal in 
analizo odziva tal.

Metoda seizmičnega površinskega valovanja (MASW) je 
najenostavnejši in zelo učinkovit način za merjenje hitro-
sti strižnega valovanja na terenu. Dinamični penetracijski 
preizkus (DPH) je primeren za določanje parametrov 
trdnosti in deformacijskih lastnosti tal. V literaturi manj-
kajo korelacije med hitrostmi strižnega valovanja in preiz-
kusi DPH (VS - NDPH). V tem prispevku predstavljamo 
empirične korelacije med hitrostmi strižnega valovanja 
VS in penetracijskim odporom NDPH za: a) neobdelane 
(originalne) NDPH podatke: VS = 97.839·NDPH 0.395,
(R2 = 0.723); b) podatke NDPH s korekcijo za talno vodo: 
VS = 92.998·NDPH 0.363 (R2 = 0.815). Iz izmerjenih 
podatkov DPH so bili ocenjeni hitrost strižnega valovanja 
(VS), strižni modul (Go) in Youngova modula (Eo in Er). 
Primerjali smo dva različna pristopa (za majhno in veliko 
deformacijo), iz rezultatov pa smo ugotovili, da se dobro 
ujemajo, ko je relativna razlika med hitrostmi majhna in 
gladka. 

Dinamični penetracijski preizkusi so dobri za preučevanje 
točno določene točke v velikem polju območja, ki temelji 
na predhodnih seizmičnih preizkusih. Predlagana kore-
lacija VS - NDPH se lahko uporablja za grobo oceno VS iz 
NDPH (vrednosti so specifične za prikazano lokacijo, zato 
se ne morejo uporabljati splošno). Na ta način so lahko 
pridobljene koristne informacije o dinamičnih lastnostih 
tal za analizo odziva tal in študij lokalnih vplivov.

EMPIRIČNA KORELACIJA 
MED HITROSTJO STRIŽNEGA 
VALOVANJA IN DINAMIČNIM 
PENETRACIJSKEM PREIZ-
KUSOM: ŠTUDIJA PRIMERA, 
VARAŽDIN, HRVAŠKA

Ključne besede

hitrost strižnega valovanja, MASW, DPH, empirične 
korelacije, dinamični elastični moduli, dinamične 
lastnosti tal
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Abstract

Varaždin is located in the north-western part of Croatia in 
shallow quaternary alluvial sediments of the Drava River 
basin. Local site effects due to the alluvial soft sediments 
can play a crucial role in the amplification of seismic-wave 
ground motions. The shear-wave velocity (VS) is one of the 
most important parameters for determining dynamic soil 
properties and ground-response analyses.

The seismic surface wave method (MASW) is the simplest 
and a very efficient way of measuring the shear-wave 
velocity in the field. The Dynamic Probing Heavy (DPH) 
test is suited to determining the soil strength and the 
soil deformation properties. However, there are a lack of 
correlations between the shear-wave velocity and the DPH 
tests (VS - NDPH) in the literature. In this paper we present 
empirical correlations between the shear-wave velocity 
VS and the soil penetration resistance NDPH with: a) raw 
(original) NDPH data: VS = 97.839·NDPH 0.395,
(R2 = 0.723); b) a groundwater correction NDPH data: 
VS = 92.998·NDPH 0.363 (R2 = 0.815). From the measured 
DPH data, the shear-wave velocity (VS), the shear 
modulus (Go) and the Young’s modulus (Eo and Er) were 
estimated. Two different approaches (low vs. high strain) 
were compared, and the results were found to be in good 
agreement when the relative difference between the veloci-
ties is small and smooth.

Dynamic probing tests are good for studying a discrete 
point of interest in a large field area based on preliminary 
seismic tests. The suggested correlation VS - NDPH can be 
used for a rough estimation of VS from NDPH (they are 
site-specific, and so not applicable worldwide). In this way 
valuable information about dynamic soil properties can 
be extracted for ground-response analyses and the study of 
local site effects.

1 INTRODUCTION

The influence of local geological and soil conditions on 
the intensity of ground shaking and earthquake damage 
has been known for many years. Local site effects play 
an important role in earthquake-resistant design and 
must be accounted for case by case. Ground-response 
analyses are used to predict ground-surface motions 
for the development of design spectra, and to evaluate 
dynamic stresses and strains for the determination of 
earthquake-induced forces. For many important prob-
lems, particularly those dominated by wave-propagation 
effects, low-level strains are induced into the soil, but 
when concerned with the stability of masses of soil, large 
strains are induced in the soil [1, 2, 3].

EMPIRICAL CORRELATION 
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VS = A·NDPH
B        (1)

From measured DPH data, the shear-wave velocity (VS), 
the shear modulus (GMAX or Go) and the Young’s modu-
lus (Eo and Er) were estimated. 

The main aim of this paper is not to give an empirical 
correlation between VS - NDPH as a substitute for seismic 
measurements, but to show a reliable way of comparing 
two different experimental approaches at low strain 
vs. high strain for the determination of site-specific 
dynamic soil properties. The suggested correlation 
between VS and NDPH can be used to make rough 
estimates of VS from NDPH (they are site-specific, and so 
not applicable worldwide), particularly for preliminary 
studies and/or non-critical projects that are under 
consideration.

2 DYNAMIC SOIL PROPERTIES

A medium is said to be elastic if it possesses a natural 
state (strains and stresses are at zero) to which it will 
revert to when applied forces are removed. Under the 
influence of applied loads, the stress and strain will 
change together, and the relation between them, known 
as the constitutive relation, is an important characteristic 
of the medium [13].

A determination of the dynamic soil properties is a 
critical task in any solution of geotechnical earthquake-
engineering problems. The selection of testing techniques 
for the measurement of dynamic soil properties requires 
a careful consideration and understanding of the specific 

There are many VS - NSPT correlations in the literature, as 
shown by Hanumantharao and Ramana [4], Marto, Soon 
and Kasim [5], Jafari et al. [6], Uma Maheswari et al. [7], 
Kuo et al. [8], Akin et al. [9] and Anbahzgan et al. [10]. 
However, there is a lack of information regarding the exis-
tence of correlations when taking a combined approach 
to the shear-wave velocity and Dynamic Probing Heavy 
tests (VS - NDPH). Iyisan [11] presented correlations 
between the shear-wave velocity and different in-situ 
probing tests (Standard Penetration Test - SPT, Dynamic 
Probe Heavy - DPH, Cone Penetration Test - CPT). In his 
research, he mentioned VS - NDPH correlations for all soils 
according to the empirical equation: VS=86.4·NDPH

0.367, 
with R2=0.7. It was stated that such correlations, although 
developed for particular types of soil, could be applicable 
worldwide, but were actually found to be site-specific due 
to a number of factors pertaining to local soils (particle 
distribution, plasticity, soil texture, etc.) and thus should 
be used with caution. Given VS - NDPH correlations 
should not be thought of as a substitute for seismic 
(geophysical) measurements, they can be useful for 
verifying the measured values of the shear-wave velocity 
VS or in supplementing seismic (geophysical) testing due 
to some impossibilities (space constraints, structure of 
terrain, environmental noise, etc.).

In this paper we present statistical empirical correlations 
between the shear-wave velocity VS (geophysical seismic 
surface MASW method at low strains γS~10-6, Fig. 1) 
and the soil penetration resistance NDPH (Dynamic 
Probing Heavy test DPH at high strains γS~10-1, Fig. 
1), in shallow quaternary alluvial sediments for a local 
geological site-specific case study at four locations in 
Varaždin using the power-law relation:

Figure 1. The starting point of the stress-strain curve (at low strain γS~10-6) can be accurately
established from seismic tests and its end point (at high strain γS~10-1) by dynamic tests [12].
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problem at hand. Low strain tests generally operate at 
strain levels that are not large enough to induce signifi-
cant nonlinear stress-strain behaviour in the soil (below 
γS<10-3) and are based on the theory of wave propagation 
in the material. High-strain tests are used to measure the 
high-strain characteristics of soils (elastoplastic behav-
ior), such as soil strength and soil deformation during 
irrecoverable deformations in the soil [1].

The dynamic modulus is the ratio of stress to strain 
under vibratory conditions (calculated from data 
obtained from either free- or forced-vibration tests, in 
shear, compression or elongation), the so-called low-
strain modulus. The shear modulus describes the mate-
rial's response to shear stress. Most seismic geophysical 
tests induce low shear strains and the measured shear-
wave velocity VS can be used to compute the maximum 
dynamic shear modulus or stiffness of the soil GMAX or 
Go with a knowledge of the soil density ρ [1, 13, 14, 15]:

Go = ρ·VS
2        (2)

The soil density ρ can be evaluated from the measured 
shear-wave velocity VS and the depth h [12]:

0.85 log( ) 0.16 log( )SV hr= ⋅ - ⋅         (3)

A small strain shear modulus is the key benchmark and 
establishes the highest, achievable soil stiffness that other 
moduli can be compared to on a relative basis.

The Young's modulus Eo describes the material's 
response to linear stress. Its relation to the shear modu-
lus Go is defined as:

Eo = 2·Go(1+υ)        (4)

where υ is the Poisson’s coefficient.

With Go and Eo being operable at non-destructive small 
strains and a shear strength τMAX at failure strains, it is 
possible to relate small - high strain modulus (two oppo-
site ends of the strain spectrum). For monotonic static 
loading a modified degradation hyperbola (Fig. 1) relates 
the normalized shear modulus G/Go and the normalized 
Young’s modulus E/Eo to the mobilized shear stress
τ/τMAX in the form [12]:

1
q

MAX
G fGo

t
t

æ ö÷ç= - ÷ç ÷çè ø         (5)

or for the Young's modulus:

1
q

MAX
E fEo

t
t

æ ö÷ç= - ÷ç ÷çè ø          (6)

where f and q are empirical parameters controlling the 
rate of modulus decay (Fig. 1). For practical problems, 

the mobilized shear stress can be considered as the 
reciprocal of FS (factor of safety). Burns and Mayne [16] 
found that f = 1 and q = 0.3 provide reasonable first-guess 
values for the degradation parameters in non-structured 
and non-cemented soils. The Young’s modulus E in Eq.6 
is used in deformation analyses as a reference modulus of 
elasticity (E = Er) because it is directly dependent on the 
implemented stress and failure stress.

The shear-wave velocity VS is one of the most important 
parameters for the determination of the dynamic soil 
properties and ground-response analyses. Seismic 
geophysical methods are effective in preliminary field 
tests since they can cover large volumes of soil at low 
strains. To induce soil deformation similar to that 
induced by an earthquake, dynamic probing tests are 
suited to studying a discrete point of interest in a large 
field area based on preliminary seismic tests. In this way 
very useful information about dynamic soil properties 
can be extracted for further ground-response analyses 
and the study of local site effects.

The measured dynamic soil properties (VS, Go, Eo, Er) 
can be used for the seismic design of structures based on 
Eurocode 8 - EC8 [17, 18, 19], site response studies [2] 
and settlement analyses. In a liquefaction assessment, VS 
is also widely used [1].

3 FIELD MEASUREMENTS

Field measurements were carried out at four test loca-
tions in and nearby Varaždin (Fig. 2, marked with a black 
circle). The geophysical seismic surface method MASW 
(Multichannel Analysis of Surface Waves) was used to 
obtain the shear-wave velocity (VS) and in-situ dynamic 
probing tests DPH (Dynamic Probe Heavy) were used to 
obtain the penetration resistance of the soil (NDPH).

3.1 Geological setting

Varaždin is a baroque city located in the NW part of 
Croatia in shallow quaternary alluvial sediments of the 
Drava River basin. In this seismic zone there have been 
a couple of strong earthquakes in the past. The archives 
mention a strong earthquake in 1459, with its epicentre 
near Varaždin (I0 = IX0 MCS). The largest earthquake in 
modern times occurred in 1982 beneath the Ivančica Mt. 
(ML = 4.7, I0 = VII0 MCS), and there were also a number 
of smaller-intensity events in the past according to [20].

The geological characteristics of the Varaždin area are 
quaternary alluvial soft sediments of the Drava river 
basin (Fig. 2). It was formed during the Pleistocene and 
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Holocene as a result of the accumulation processes of 
the Drava river, as mentioned by Prelogović [21]. It is 
composed of gravel and sand with variable portions of 
silt and clay [22, 23, 24]. The thickness of the sand-gravel 
deposits in the NW area are less than 5 metres, gradually 
increasing in the downstream direction (WE) to reach 
more than 60 metres thick in the eastern part. The water 
table is relatively high at 2–6 m. The general ground-
water flow direction is NW–SE and is parallel to the 
Drava river. The basin is cut by several faults in an SW 
direction towards the Ivančica Mt. and a WE direction 
parallel to the Drava River.

3.2 Multichannel analysis of surface waves 

Spectral Analysis of Surface Waves (SASW) was intro-
duced in the early 1980s by Nazarian and Stokoe [25, 
26, 27] to make use of the spectral analysis of surface 
waves generated from an impact source like a hammer 
on a surface. It is used for shallow, shear-wave velocity 
characterization in which only two receivers (geophone) 
are used and the spacing between the receiver and the 
source is changed many times to cover the desired range 
of the investigation depth. Since this repetition takes 
several hours, the Multichannel Analysis of Surface 
Waves by Park et al. [28] and Xia et al. [29] was intro-
duced.

Figure 2. Geology (Quaternary: Pleistocene and Holocene) of Varaždin region at four test locations
(1. Landfill - Kneginec, 2. Water well - Varaždin, 3. Zagreb street - Varaždin, 4. Biogas facility Motičnjak - Trnovec)[21].

The Multichannel Analysis of Surface Waves (MASW) is 
a non-destructive seismic method used to evaluate the 
material layer thickness, the shear-wave velocity VS (1D 
or 2D profile with depth), the Poisson’s ratio and the soil 
density [28, 29, 30, 31, 32, 33, 34]. This method is fast 
and simple because of the strong nature of the surface 
wave (Rayleigh waves) energy that can be generated by 
a simple impact source (e.g., a sledgehammer) and the 
entire range of the investigation depth can be covered 
with multiple receivers (geophones) without the need 
to change the receiver’s configuration [28, 29, 30, 31, 32, 
33, 34]. A schematic diagram of an active MASW field 
survey is shown in Fig. 3. The MASW profile consist of 24 
geophones with a natural frequency of 4.5 Hz in a linear 
array (69 m spread length, 3 m spacing and 6 m offset), 
a sledgehammer of 10 kg, a hammer metal plate, and a 
24-channel Geode seismograph with supporting software 
for the data acquisition. The maximum investigation 
depth (zmax) depends on the length of the geophone 
spread (D) and the source impact energy, while the reso-
lution depends on the minimum geophone spacing (dx).

The data analysis of the captured surface waves 
(Rayleigh waves) created by the sledgehammer impact 
on the metal plate was analysed using SeisImager (OYO 
Corp.) and SurfSeis (Kansas Geological Survey) software 
packages to obtain a 1D and 2D shear-wave velocity 
profile with depth. The data analysis consisted of three 
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Figure 3. Schematic diagram of active MASW field survey data acquisition [34].

steps: 1) preparation of a MASW record (field file or 
shot gather), 2) dispersion analysis of Rayleigh waves - 
fundamental mode and 3) inversion for VS profiles [28, 
29, 30, 31, 32, 33, 34].

The 1D soil profiles for all the test locations obtained 
from the MASW are shown in Fig. 4., and the 2D 
profiles are shown in Fig. 5 for the test locations 2.Water 
well - Varaždin and 4. Motičnjak - Trnovec. The top 
first layer in all four locations consists of clay having 
a VS range of 110–170 m/s from 0 up to 4 m in depth. 

The second layer consists of sand having a VS range of 
190–260 m/s from 0 up to 9 m depth. The third layer 
consists of gravel having a VS range of 270–400 m/s from 
5 up to 20 m and above depth. The maximum investiga-
tion depth was cut to 20 m for the VS - NDPH correlation 
analysis.

Based on the EC8 classification of subsoil classes accord-
ing to Table 3.1 [17, 18, 19] all the investigated area can 
be classified as ground type C (VS,30 = 180-360 m/s) 
(Fig. 4).

Figure 4. 1D VS profile vs. depth. Location: 1) Landfill - Kneginec, 2) Water well - Varaždin, 3) Zagreb street - Varaždin, 4) Motičnjak - Trnovec.
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3.3 Dynamic probing heavy (DPH) test

The purpose of an in-situ dynamic probing test is to 
determine the resistance of soils and semi-rocks in-situ 
via the dynamic penetration of a cone in order to char-
acterize the soil layers by their depth, position, nature, 
density or thickness [35, 36]. It can be used to determine 
the strength and deformation properties of soils or to 
distinguish non-cohesive soils from cohesive soils [37]. 
In our study we used one type of dynamic penetrometer, 
Dynamic Probe Heavy (DPH - Fig. 6), which is more 
economically efficient and faster than SPT (borehole 
is needed), in line with EN ISO 22476 - 2 [38] and the 
European German DIN 4094 - 2 standards [39].

DPH is performed so that the cone (base area of cone 
point 20 cm2) is driven into the soil (no borehole 
needed) by free-fall hammer strokes with a specified 
mass (50 kg) and height of the drop (50 cm). The 
numbers of strokes required for a 100-mm penetration 
of the cone NDPH are recorded.

Figure 5. 2D VS profile vs. depth. Location: 2) Water well - Varaždin, 4) Motičnjak - Trnovec.

The penetration resistance is defined as the number of 
strokes NDPH per 100 mm of penetration. A continu-
ous record is collected in accordance with the length 
of sinking (depth). The test does not allow for soil 
sampling. The results from the DPH test are presented 
as the number of strokes NDPH against the depth from 
the direct field record and are in the range of standard-
ized values (usually 3 up to 50) (see Fig. 7). The “harsh” 
spikes that appear occur when encountering obstruc-
tions such as a boulder or very hard, dense soil. When 
the test is carried out in granular soils below the water 
table, the soil may become loosened, and the number 
of strokes NDPH can decrease. Groundwater influence 
(loosening) on the number of strokes NDPH is signifi-
cant, and corrections have to be made according to EN 
ISO22476 - 2 and DIN 4094 - 3 [38, 39].

A groundwater-level correction was made for sand: 
NDPH

CORR = 1.3·NDPH
ORIG + 2 and for gravel: NDPH

CORR 
= 1.2·NDPH

ORIG + 4.5 [40, 41, 42], but was not necessary 
for clay, which was above the groundwater level. Remov-
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Figure 6. Geotool dynamic probing rig (Dynamic Sampling Ltd, UK). The rig is capable of dynamic probing
(DPL-light, DPM-medium, DPH-heavy and DPSH-super heavy) in accordance with DIN 4094. Specification: Width 78 cm, Length 
78.5 cm, Height 23.4 cm, Drop Height 50 cm, Rod/Tool Length 120 cm (max) and Basic Weight 125 kg. Reference penetration every 

100 mm. Base area of cone 20 cm2. Cone diameter 43.7 mm. Rods diameter 32 mm. Hammer mass 50 kg. Drop height 50 cm.
Angle of the cone point 900. Torque wrench for impact of rod skin friction.

Figure 7. NDPH profile vs. depth.Location: 1) Landfill - Kneginec, 2) Water well - Varaždin, 3) Zagreb street - Varaždin, 4) Motičnjak - 
Trnovec (depth to 15 m). WL - water level mark.

ing the effect of water increases the number of recorded 
strokes (Fig. 7). Fig. 7 shows how the numbers of strokes 
NDPH are changing with depth. The top first layer is clay 
with a NDPH range from 1 to 5 (without groundwater 
correction), the second layer sand with NDPH range from 
4 to 25 (corrected 7–38), while the third layer is classified 
as gravel with NDPH from 12 to 27 (corrected 20–40).

4. EMPIRICAL CORRELATION BETWEEN THE 
SHEAR-WAVE VELOCITY AND THE DYNAMIC 
PROBING HEAVY TEST

In this section we present an empirical correlation 
between the shear-wave velocity VS and the dynamic 

probing test DPH in shallow quaternary alluvial sedi-
ments for a local geological site-specific case study at 
four locations in Varaždin using the power law given by 
Eq. 1.

From the VS and NDPH profiles we extracted good data 
for the statistical correlations with depth. The following 
example (location 3 - Zagreb street) of the measured data 
shown in Fig. 4 and 7 depicts the development of the 
VS - NDPH empirical correlations. Example: for a depth of 
10 m, the measured shear-wave velocity is VS = 320 m/s 
and the number of blows NDPH = 17 are taken as a mean 
value between depths of 9–10 m. Since at this depth 
the soil is classified as gravel below the water table, we 
performed a groundwater-level correction:
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NDPH
CORR = 1.2·NDPH

ORIG + 4.5 = 25. In this way we 
extracted more than 200 points from all the measure-
ments at all four locations with two different field meth-
ods (MASW and DPH).

In Fig. 8 empirical VS - NDPH correlations shown for a 
particular test location are presented. VS - NDPH correla-
tions for the original (black) and corrected (red) NDPH 
data are shown on all four graphs. It is evident that the 
data correction due to the groundwater effect on NDPH 
causes the curve to shift down on the VS axis (red vs. 
black) and that in all four cases R2 (determination coef-
ficient) is higher than in the original NDPH data.

The VS - NDPH correlation is statistically better for a 
groundwater-level correction on NDPH. It can also be 
seen that R2 is above 0.85 at two locations, i.e., 1. Landfill 
and 3. Zagreb street, irrespective of the groundwater 
correction (WL = 4 m and 2 m of depth). For the other 
two locations, i.e., 2. Water well and 4. Motičnjak, R2 is 
comparatively low and shows a significant change from 
the groundwater correction. Since all the field measure-
ments were performed in shallow quaternary alluvial 
sediments, the main aim of this study is to propose a 
site-specific VS - NDPH correlation, rather than more 

Figure 8. VS - NDPH correlations by test location: 1) Landfill - Kneginec, 2) Water well - Varaždin, 3) Zagreb Street - Varaždin, 4) 
Motičnjak - Trnovec. Black - original NDPH data. Red - corrected NDPH data.

general correlations. Fig. 9 presents empirical VS - NDPH 
correlations for the site-specific region of Varaždin 
compared to a few previously published empirical
VS – NSPT correlations for all soils [5]:

Original NDPH: VS = 97.839·NDPH 0.395; R2 = 0.723

Corrected NDPH: VS = 92.998·NDPH 0.363; R2 = 0.815.

5 DISCUSSION

From the empirical VS - NDPH correlation (Fig. 9) it can 
be seen how corrections for the groundwater effect on 
DPH measurements can “enhance” the correlation (R2 is 
higher).

But, to see real meaning in this correction, we compared 
the MASW measured VS,meas with the estimated VS,orig 
and VS,corr from the original NDPH

ORIG and the corrected 
NDPH

CORR data (Fig. 10). There is a small difference 
between the MASW measured VS,meas and the estimated 
VS,orig and VS,corr from the VS - NDPH correlation. The 
residuals are from 0 to 50 m/s, and this difference falls 
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Figure 9. VS - NDPH correlations for site-specific region of Varaždin (all locations, all soils; black line: original NDPH, red line: 
corrected NDPH). Also presented are a few previously published VS - NSPT correlations for all soils [5]: blue dotted and dashed lines).

within statistical error bounds and so the given results 
can be used as a rough estimation of VS from NDPH. A 
groundwater-level correction is a good way to “statisti-
cally enhance” an empirical correlation, but as seen in 
Fig. 10 there is a very small difference between the VS,orig 
estimated from NDPH

ORIG and the VS,corr estimated from 
NDPH

CORR. Both empirical correlations are sufficient for 
a rough estimation of VS from NDPH and the groundwa-
ter-level correction can be applied to lower the statistical 

Figure 10. Comparison between measured VS (blue: VS,meas), VS estimated from NDPH
ORIG (black: VS,orig)

andVS estimated from NDPH
CORR (red: VS,corr).

error, but the correlation with raw (original) data can 
also be effective in estimating VS from NDPH.

From the field measurements and empirical correlations, 
the shear-wave velocity VS was estimated and dynamic 
elastic moduli (Go, Eo and Er) based on that velocity 
were calculated, Fig. 11, 12, 13. In the calculation of the 
shear modulus Go (Eq. 2), the Young’s modulus Eo (Eq. 
4) and the reference Young’s modulus Er (Eq. 6), the 

Vs = 97.839 N0.395

R² = 0.723
Vs = 92.998 N0.363
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soil density was evaluated using Eq. 3, while Poisson’s 
ratio with values of υ = 0.20 and υ = 0.45 for dry and soil 
under the water table was used. From Fig. 11, 12 and 13 
the shear modulus Go varies from 20 MPa (MN/m2) to 
292 MPa, the Young’s modulus Eo varies from 49 MPa to 
846 MPa, and reference Young’s modulus Er varies from 
9 MPa to 158 MPa for the Varaždin region.

The estimated elastic moduli Go, Eo and Er were cross-
checked at low (MASW) and high (DPH) strains and 

they made a good match (especially for test location 
3. Zagreb street). High deviated results (test locations 
1. Landfill, 2. Water well and 4. Motičnjak) can be 
explained by a number of factors pertaining to local soils, 
such as the particle distribution, plasticity, soil texture, 
loose soil, sticking cone into the boulder, etc., and thus 
the VS - NDPH correlation should be used with caution.

Two different approaches (low vs. high strain) were 
compared, and the results found to be in good agree-

Figure 11. Shear modulus Go (low strain) calculated from measured VS (blue: VS,meas), VS estimated from NDPH
ORIG (black: VS,orig) 

and VS estimated from NDPH
CORR (red: VS,corr).

Figure 12. Young’s modulus Eo (low strain) calculated from measured VS (blue: VS,meas), VS estimated from NDPH
ORIG (black: VS,orig) 

and VS estimated from NDPH
CORR (red: VS,corr).



13.Acta Geotechnica Slovenica, 2016/1

S. Strelec et al.: Empirical correlation between the shear-wave velocity and the dynamic probing heavy test: Case study, Varaždin, Croatia

ment when the relative difference between the velocities 
is small and smooth, Fig 14.

The relative difference of velocities (RD(o/m) or 
RD(c/m)) is defined as the ratio of the absolute differ-
ence between the measured and estimated velocity and 
the measured velocity for some depth:

( ),

,

1 S estimated

S measured

abs V
RD

V
-

=         (7)

Figure 13. Young’s modulus Er (high strain) calculated from measured VS (blue), VS estimated from NDPH
ORIG (black) and VS esti-

mated from NDPH
CORR (red).

One can find that the local extremes of the RD curves, 
Fig. 14, match the local extremes of the N - DPH curves, 
Fig. 7. Moreover, if the relative difference of the veloci-
ties is small and the curve is smooth, Fig. 14 location 3, 
then the local RD maximum indicates a local N - DPH 
minimum, and vice versa. When there is a significant 
spike in the N - DPH data we can expect a significant 
dispersion of the VS - NDPH data, Fig. 14 location 4.

Regardless of the field measurements, at low (MASW) 
or high (DPH) strains, it is necessary to evaluate the 

Figure 14. Relative difference between the estimated and measured velocities. RD(o/m or c/m) is a relative difference of VS estimated 
from NDPH

ORIG or VS estimated from NDPH
CORR and measured MASW velocity VS (black and red line respectively).
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appropriate dynamic properties of the materials in the 
soil deposit. A precise determination of the dynamic 
soil properties is a somewhat difficult task when solv-
ing geotechnical engineering problems. It is clear that 
the choice of technique depends on the problem to 
be solved. Dynamic properties play a vital role in the 
design of earthquake-resistant structures or structures 
subjected to dynamic loads.

6 CONCLUSION

In this paper we present empirical correlations between 
the shear-wave velocity VS and the dynamic probing test 
(DPH) for s case study in a site-specific region of Varaždin. 
The geological characteristics of Varaždin are quaternary 
alluvial soft sediments of the Drava river basin (Fig. 2). 
Field measurements (low strain - MASW, high strain 
- DPH) were carried out at four different test locations 
inside and outside the city of Varaždin. Since Varaždin 
sits on alluvial soft sediments, the penetration resistance 
of the NDPH groundwater-level correction was taken into 
consideration. An empirical correlation was developed 
between the measured shear-wave velocity VS and the 
raw (original) NDPH

ORIG and groundwater-level-corrected 
NDPH

CORR data. The results of the developed empirical 
correlation (Fig. 9) for NDPH

ORIG and for NDPH
CORR were:

VS = 97.839·NDPH
0.395; R2 = 0.723,

VS = 92.998·NDPH
0.363; R2 = 0.815.

The groundwater-level correction was found to be effec-
tive in “statistically enhancing” the empirical correla-
tions, which can be seen in Fig. 10. There is a very small 
difference between VS,orig estimated from NDPH

ORIG 
and VS,corr estimated from NDPH

CORR. These developed 
empirical correlations proved to be sufficient for rough 
estimations of VS from NDPH and the groundwater-level 
correction can be applied in order to lower the statistical 
error, but a correlation with raw (original) data can also 
be effective in a good way for estimating VS from NDPH. 

The shear-wave velocity VS is one of the most important 
parameters for a determination of the dynamic soil 
properties and the ground response analysis. From 
the field measurements and empirical correlations, the 
shear-wave velocity VS, the dynamic elastic moduli of 
the shear modulus (Go) (Eq. 2) and the Young’s modulus 
(Eo and Er) (Eq. 4 and 6) were estimated (Fig. 11, 12, 
13). Two different approaches (low vs. high strain) were 
compared, and the results found to be in good agree-
ment when the relative difference between the velocities 
is small and smooth, Fig 14.

The measured dynamic soil properties (VS, Go, Eo, Er) 
can be used for the seismic design of structures based on 
Eurocode 8 [17, 18, 19], site response studies [2], settle-
ment analysis and VS is also widely used in liquefaction 
assessments [1].

Preliminary seismic tests proved that dynamic probing 
tests are effective when looking at a discrete point of 
interest in a large field area. The suggested correlation 
VS - NDPH can be used to make rough estimations of VS 
from NDPH (they are site-specific, and so not applicable 
worldwide). It should not be used as a substitute for 
seismic measurements, but used as a comparison and 
verification of the measured shear-wave velocity and 
dynamic probing test for site-specific dynamic soil 
properties. In this way very useful information about 
the dynamic soil properties can be extracted for ground-
response analyses and the study of local site effects, 
particularly for preliminary studies and/or noncritical 
projects that are under consideration.
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Izvleček

Plastična kritična globina ali običajno imenovana globina 
natezne razpoke ima precejšen vpliv na aktivne bočne 
zemeljske pritiske v koherentnih tleh. V prispevku je 
globina za c-ϕ zemljino določena za primer potresa z 
uporabo napetostnih karakteristik ali metodo porušnic. 
Plastična kritična globina je bila izračunana na podlagi 
teorije metode napetostnih-karakteristik in ob upoštevanju 
horizontalnih in vertikalnih psevdo-statičnih potresnih 
koeficientov. Predlagana rešitev obravnava črto diskon-
tinuitete v mreži napetostnih karakteristik. V analizi so 
bili prav tako upoštevani naklon zaledja in zidu, kohezija 
in notranji kot trenja ter tudi adhezija in kot trenja na 
površini med zemljino in zidom. Rezultati kažejo, da 
so plastične kritične globine te študije manjše od drugih 
metod in so bližje modificirani metodi Mononobe-Okabe.

VREDNOTENJE PLASTIČNE 
KRITIČNE GLOBINE ZA 
PROBLEME SEIZMIČNIH 
AKTIVNIH BOČNIH ZEMELJ-
SKIH PRITISKOV Z METODO 
NAPETOSTNIH KARAKTERISTIK

Ključne besede

plastična kritična globina, značilnosti napetosti, aktivni 
bočni zemeljski pritisk, potresno
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Abstract

The plastic critical depth or the conventional tension crack 
depth has a considerable effect on the active lateral earth 
pressure in cohesive soils. In this paper the depth for c-ϕ soils 
has been evaluated in the seismic case using the stress-char-
acteristics or slip-line method. The plastic critical depth was 
calculated on the basis of the theory of the stress-character-
istics method and by considering the horizontal and vertical 
pseudo-static earthquake coefficients. The proposed solution 
considers the line of discontinuity in the stress-characteristics 
network. The earth slope, wall slope, cohesion and friction 
angle of the soil and the adhesion and the friction angle of 
the soil-wall interface were considered in the analysis as well. 
The results show that the plastic critical depths of this study 
are smaller than those of the other methods and are closer 
to the modified Mononobe-Okabe method. The effects of the 
wall and the backfill geometry, the mechanical properties of 
the soil and the pseudo-static coefficients were studied.

1 INTRODUCTION

In cohesive soils, the computed active lateral earth pres-
sure can be negative from the ground surface to some 
depth. The plastic critical depth is the depth where the 
computed soil pressure is negative from the ground 
surface to that depth. To calculate the active lateral earth 
pressure many engineers assume that the lateral earth 
pressure is zero from the ground surface to the plastic 
critical depth. Therefore, the calculation of the plastic 
critical depth is important in any evaluation of the active 
lateral earth pressure. Numerical examples showed that 
if the plastic critical depth is considered, the static lateral 
earth pressure can be more than 20 to 40 percent of the 
lateral earth pressure, without taking into account the 
plastic critical depth [1].

Peng [2] assumed that the failure surface is planar and 
evaluated the static active lateral earth pressure using 
the limit-equilibrium method. He considered the plastic 
critical depth and the surcharge in his study. Peng [3] 
modified the Mononobe-Okabe method to calculate the 
seismic active lateral earth pressure. He presented some 
equations to calculate the lateral earth pressure and the 
plastic critical depth in c-ϕ soils.

Nian and Han [4] calculated the seismic active lateral 
earth pressure against rigid retaining walls. They used 
the Rankin theory and proposed an equation to estimate 
the plastic critical depth. In their study the retaining wall 
is vertical, but the ground surface can be inclined. Also, 
Iskander et al. [5] expanded the Rankin solution for seis-
mic cases and proposed an equation for the plastic criti-
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Table 1. Summary of different methods to calculate the plastic critical depth.

cal depth. Ma et al. [6] evaluated the lateral earth pressure 
and the plastic critical depth using the pseudo-dynamic 
method. Recently, Lin et al. [7] used the slice-analysis 
method to compute the nonlinear distribution of the 
seismic active earth pressure of cohesive-frictional soil. 

The stress-characteristics or slip-line method is one of 
the famous methods for analysing geotechnical prob-
lems. This method was presented by Sokolovski [8, 9]. 
Reece and Hettiaratchi [10] and Kumar and Chitikela 
[11] used the stress-characteristics method to compute 
the passive lateral earth pressure. Cheng [12] proposed a 
rotation of the axes in the stress-characteristics method 
to determine the seismic lateral earth pressure. Peng 
and Chen [13] applied this method to compute the 

No. Proposed by Theory Parameters considered Comments

1 Rankin Simple Rankin

cw  δw 

- The simplest equation (Eq. (25))
θ  β 
kh  kv 
q 

2 Peng, 2012 [3] Modified
Mononobe-Okabe

cw  δw 

- Closed form without trial and error
θ  β 
kh  kv 
q 

3 Ma et al., 2012 [6] Pseudo-dynamic

cw  δw 

-No closed form
- Needs optimization

θ  β 
kh  kv 
q 

4 Peng and Chen, 2013 
[13] Slip line

cw  δw  -Closed form
-Needs trial and error

-When β=0 solution can be found without 
trial and error

θ  β 
kh  kv 
q 

5 Iskandet et al., 2013 [5] Expanded Rankin

cw  δw 

- Closed form without trial and error
θ  β 
kh  kv 
q 

6 Nian and Han, 2013 [4] Modified Rankin

cw  δw 

- Closed form without trial and error
θ  β 
kh  kv 
q 

7 Lin et al., 2015 [7] Slice analysis method

cw  δw 

-Closed form
-Needs trial and error

θ  β 
kh  kv 
q 

8 This study Slip line

cw  δw  -Closed form
-Needs trial and error

-When β=kh=kv=0, solution can be found 
without trial and error

θ  β 
kh  kv 
q 

active lateral earth pressure in the static case. The stress-
characteristics method has also been used to evaluate the 
stability of reinforced soil structures [14, 15].

Table 1 summarizes the different methods for calculating 
the plastic critical depth. The parameters used in the 
table will be defined in the next sections. It is clear that 
most of the methods proposed closed-form solutions. 
Some of them need trial and error, and three of them 
consider all the parameters in the solution. 

In this paper the plastic critical depth is studied using 
the stress-characteristics method. Although Peng and 
Chen [13] used this method to compute the active lateral 
earth pressure, they did not consider the seismic effects 
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and the discontinuity line in the stress field. In this study, 
the estimation of the plastic critical depth is explained 
clearly, and several analyses are made in different cases.

2 THEORY

The backfill is a c-ϕ soil, where c and ϕ are the cohesion 
and the friction angle of the soil, respectively. The soil 
obeys the Mohr-Coulomb failure criterion. The retaining 
wall is rigid, and the soil-wall interface has the adhesion 
cw and the friction angle δw.

Figure 1 shows a soil element in the plane-strain case. 
There are two families of failure orientations, PA and PB, 
known as the negative and positive characteristics, and 
make a stress field. As shown, the stress-characteristics 
lines make the angle / 4 / 2m p f= -  with the orienta-
tion of the principal stress σ1 [9]. Each point in the soil 
media has four features, x, z, p and ψ, where x and z are 
the coordinates of the point and p is the average stress in 
the Mohr’s circle and ψ is the angle between σ1 and the 
horizontal axis (Figure 1).

Figure 1. The orientation of the positive (σ+) and negative (σ-) 
characteristics and the Mohr’s circle of stress [16].

If the body forces are zero, the equilibrium equations 
along the stress characteristics can be written as [9]:

( )2 tan 0p c d dpf y+ + =           (1)

( )2 tan 0p c d dpf y+ - =        (2)

2.1 Boundary conditions

Figure 2 shows the geometry of the problem. DE is the 
ground-surface boundary and has the surcharge q. β is 
the ground-surface angle with the horizontal axis and θ 
is the angle between the wall and the vertical axis. The 
positive signs of these angles are shown in the figure. 
kh and kv are the horizontal and vertical pseudo-static 
earthquake coefficients, respectively. The positive direc-
tions of the seismic accelerations are shown in the figure.  
To solve the problem, the boundary condition of the wall 
and ground surface must be calculated. 

Figure 2. The geometry of the problem.

The Mohr’s circles of stress along the ground surface and 
wall boundaries are shown in Figure 3. The normal and 
shear stresses on the ground surface can be written as

( )0 1cos 1 cos sinv hq k k A qs b b bé ù= - - =ê úë û         (3)

( )0 2cos 1 sin cosv hq k k A qt b b bé ù= - + =ê úë û         (4)

where q  is the equivalent surcharge (Eq. (18)) and

( ) ( )

( ) ( )
1

2

1 cos cos
cos

1 cos sin
cos

v

v

k
A

k
A

b d b

d
b d b

d

- +
=

- +
=

        (5)

and

tan
1

h

v

k
k

d=
-

        (6)
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Figure 3. Mohr’s circle of stress of the
a) wall and b) ground surface.

a)

b)

The radius of the Mohr’s circle on the ground surface 
can be written as (Figure 3b)

( )2 2
0 0 0 0 0sin cosR p c pf f s t= + = - +          (7)

From Eq. (7), the average stress on the ground surface, 
p0, is 

( ) ( )2 2
0 0 0

0 2

cos sin sin ccos cos

cos

c
p

s f f s f f t f

f

+ - + -
=  (8)

and using the Mohr’s circle, we can write

( )
( )

0 0

0 0 0 0

0 0 0

/ 2
sin cos cos2

sin cos sin2
p p c
p c

h p b y

s f f h

t f f h

= + -

= + +

= +
        (9)

The angle ψ0 can be obtained from Eq. (9) as

( )01
0

0

sin
0.5 sin

2 sin cos
p

p c
d bp

y b d
f f

-
é ùæ ö+ ÷çê ú÷ç= + - - ÷ê úç ÷÷ç +è øê úë û

        (10)

Referring to Figure 3a, on the retaining wall boundary

( )
( )

/ 2

sin cos cos2

tan sin cos sin2

f f

f f f f

f w f w f f

p p c

c p c

h y p q

s f f h

t s d f f h

= - -

= - +

= + = +

   (11)

The angle ψ on the wall, ψf , can be found from Eq. (11) as

1 sin cos
0.5 sin

2 sin cos
f w w w

f w
f

p c
p c

d dp
y q d

f f
-

é ùæ ö+ ÷çê ú÷ç= + + - + ÷ê úç ÷ç + ÷çê úè øë û
 (12)

2.2 Calculating the plastic critical depth

Since the stresses on the left- and right-hand side of 
point O are different, this point is a singularity point. 
To obtain the depth of the plastic critical depth without 
computing the whole network, the singularity point 
must be solved. If ψf ≥ψ0, the stresses are continuous 
everywhere, but when ψf <ψ0, there is a line of discon-
tinuity in the stress field, which will be explained next. 
This type of discontinuity has been considered in some 
studies [9, 11, 17, 18]. Peng and Chen [13] stated that 
the solution obtained from this discontinuity is a virtual 
solution and does not represent reality. In this paper 
the discontinuity is used and the obtained results are in 
good agreement with other solutions.

If ψf ≥ψ0, from Eq. (1), pf can be found as

( )
( )

0 0

0 0

If   =0 :     2

else       :     cot ( cot )exp 2tan

f f

f f

p p c

p c p c

f y y

f f f y y

= - -

é ù=- + + - -ê úë û
(13)

But if ψf <ψ0, a line of discontinuity exists in the prob-
lem. In this paper an approach similar to that of Lee and 
Herington [17] is used to solve this discontinuity. Figure 
4 shows a soil element on the discontinuity line and 
Mohr’s circle of stress for the left- and right-hand sides 
of this element.

Referring to Mohr’s circle of stress (Figure 4), we can 
write

( ) ( )sin2 sin2R R L LR Ry w y w- = -        (14)

( ) ( )cos2 cos2R R R L L Lp R p Ry w y w- - = - -       (15)

where ω is the angle between the discontinuity line and 
the horizontal axis, pR, RR and ψR are the average stress, 
the radius of the Mohr’s circle and the angle ψ for the 
right-hand side of the discontinuity line, respectively. 
These parameters for the left-hand side of the disconti-
nuity line are denoted by pL, RL and ψL. Using Eq. (14) 
and (15), ω and pR can be obtained as

( )( )10.5 cos sin cosR L R Lw y y f y y-é ù= + - -ê úë û         (16)

( )
( )

sin2
cot

sin sin2
L L

R
R

R
p c

y w
f

f y w

-
= -

-
        (17)
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Figure 4. A soil element on the discontinuity line and Mohr’s 
circle of stress of the element.

To calculate the plastic critical depth in active lateral 
earth pressure problems, an equivalent surcharge can be 
used [13]. This uniform equivalent surcharge on the OA 
boundary (Figure 2) can be written as

cq q zg= +         (18)

where zc is the plastic critical depth and γ is the unit 
weight of the soil.

The equivalent surcharge q  must be computed such that 
the normal stress on the wall is zero. When σf = 0, from 
Eq. (11) and (12) [13]

2 2
tan

cos
w

f
c c

p c f
f

-
= +         (19)

If ψf ≥ψ0 , the value of p0 can be obtained from Eq. (13) as

( )
( )

0 0

0 0

If   =0 :     2

else       :     cot ( cot )exp 2tan

f f

f f

p p c

p c p c

f y y

f f f y y

= + -

é ù=- + + -ê úë û
(20)

and if ψf <ψ0 , using Eq. (17)

( ) ( )0 0
0 0

cot
cot sin2

sin2
f

f
p c

p c
f

f y w
y w

+
=- + -

-
        (21)

where from Eq. (16)

( )( )1
0 0 00.5 cos sin cosf fw y y f y y-é ù= + - -ê úë û         (22)

Finally, from Eqs. (3), (4) and (7)

( ) ( ) ( )2 22 2
1 0 0 1 2 0 2

2 2
1 2

sin cosA p p c A A p A
q

A A

f f+ + + -
=

+
(23)

To calculate q , first, pf and ψf are calculated from Eqs. 
(19) and (12). Since p0 and ψ0 are not independent of 
each other, a trial-and-error procedure must be used 
to compute these parameters. First, an initial value is 
assumed for p0, then ψ0 is computed from Eq. (10) and 
based on the value of ψ0, a new value for p0 is obtained 
from Eq. (20) or (21). This procedure is repeated until 
the differences between the new and old values of p0 and 
ψ0 are small enough. Having p0, the value of q  can be 
calculated from Eq. (23) and finally zc is obtained from 
Eq. (18) as

0c
q qz
g
-

= ³         (24)

In the static case, when β=0, the plastic critical depth can 
be computed without trial and error. When ψf ≥ψ0, and 
for the static case, the results of this paper are the same 
as those of Peng and Chen [13].

3 RESULTS

Based on the algorithm described in the previous 
section, a computer code was prepared. In this part of 
the paper different parametric analyses were made for 
the plastic critical depth, and the results were compared 
to the results of the other studies.

In the static case (kh=kv=0) and for δw=cw=θ=β=0, the 
solution leads to the following equation, which is the 
simple Rankin formula for the plastic critical depth

2 tan
4 2c

qcz p f
g g

æ ö÷ç= + -÷ç ÷÷çè ø
        (25)

Nian and Han [4] developed the Rankin theory to 
calculate the seismic active lateral earth pressure. They 
neglected the friction angle and the adhesion of the 
soil-wall interface and assumed that the wall is vertical 
(i.e., δw=cw=θ=0). Their equation for zc is

( )( )
( )

2 2

2
2

2

2 sin 1 tan tan (1 tan tan ) 4tan

4tan1 cos (1 tan tan )
cos

c

v

c
z

k

f b d b d d

d
g f b d

f

- + - +
=

æ ö÷ç ÷ç- - + ÷ç ÷÷çè ø

Also, Peng [3] developed the Mononobe-Okabe theory 
for the seismic case by taking into account the effect of 
the plastic critical depth and proposed the following 
equation to calculate q

(26)
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( ) ( )

( ) ( ) ( )22

cos( )cos sin sin

1 cos sin cos

w a a

h v a a

c c
q

k k

q b f a b a q f

a q a f d b

- + + + -
=

+ - + - -
(27)

where
( ) ( )

( )
( )

( ) ( )

0 0
2

0

0

sin sin cos 1 cos
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cos sin
cos
cos cos
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w

w

m m

m
c

m
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f d q q q q f d
a

q f d q

b d

q b f

+ - + + - + +
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- - +

+
=

+ -  

In addition, αa can also be calculated using the following 
equations:

( ) ( ) ( )
( ) ( ) ( ) ( )

( ) ( )
( )

( ) ( ) ( )
( ) ( ) ( )

0 0
2

0

0

if cos cos sin sin 0, then

sin sin cos 1 cos
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cos cos sin sin
if cos cos sin sin 0, then 
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w

w

w a

c c

n n

n
c
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c c
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q b f f b d q d

f d q f d f d q f d
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q f d f d

b d

q b f f b d q d

q b f f b d q d a f d

- + + + + >

+ - + + + + + + +
=

- - + +

+
=

- + + + +

- + + + + = = +

A comparison of the results of this paper with the results of 
the other methods is shown in Table 2. The percentage rela-
tive errors between the results of this paper and the other 
methods are shown in the table as well. In the last row of 
the table the average percentage errors for all the cases are 
written. It is clear that the least and the most errors belong 
to Peng’s limit-equilibrium method [3] (average error 3%) 
and Eq. (25) (average error 38%), respectively. In addi-
tion, the depths computed from the stress-characteristics 
method are lower than those of the other methods.

In the static case and for q=θ=0, a comparison was 
made between the results of this study for zc and those 
of others, as shown in Figure 5. In this case the results 
of Eq. (25), Nian and Han [4] and Iskander et al. [5] are 

(28)

the same. It is clear that the results of this study are very 
close to Peng [3] (average difference is about 1.4%). Eq. 
(25) predicts smaller values of zc (about 15% smaller) 
and also the results of Lin et al. [7] are about 29% 
smaller than the results in this paper.

To evaluate the effects of the parameters on the plastic 
critical depth, several parametric analyses were made. 
Figure 6 shows the effects of the pseudo-static horizontal 
(kh) and vertical (kv) coefficients on the plastic critical 
depth zc. The horizontal axis is kh and varies from -0.5 
to 0.5. It is clear that zc increases with an increase in kh. 
When kh is positive, its variation has more influence 
on increasing zc. For example, if kv=0, when kh changes 
from 0 to -0.5, zc decreases by about 58%, but when kh 
changes from 0 to 0.5, the increase in zc is about 93%. 
These differences in the negative values of kv are less 
than those of the positive values.

ϕ
(deg)

c
(kPa)

q
(kPa)

zc (m) Absolute relative error (%)
Ma et al. 
2012, [6] Eq. (25) Nian & Han, 

2013, [4]
Peng, 

2012,[3]
This 

study
Ma et al. 
2012, [6]

Eq. 
(25)

Nian & Han, 
2013, [4]

Peng, 
2012, [3]

20 0 10 0 0 0 0 0 0 0 0 0
20 10 0 1.424 1.592 1.315 1.224 1.206 15 24 8 1
20 10 10 0.904 1.032 0.759 0.668 0.651 28 37 14 3
40 10 0 1.68 2.384 1.837 1.442 1.382 18 42 25 4
40 10 10 1.168 1.832 1.281 0.886 0.826 29 55 36 7
20 20 0 2.6 3.168 2.629 2.447 2.412 7 24 8 1
20 20 10 2.072 2.624 2.074 1.892 1.857 10 29 10 2
40 20 0 3.048 4.768 3.674 2.884 2.764 9 42 25 4
40 20 10 2.52 4.208 3.118 2.328 2.208 12 48 29 5

Average error: 16 38 19 3

Table 2. Comparison of the results of this study with other methods. (θ=-100, β=0, δw=ϕ/2, cw=0.5c, kh=-0.2, kv=0.1, γ=18 kN/m3).

(29)

Figure 5. A comparison between the results of this study and 
those of others.

z c
 (m

)

ϕ (deg)
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Also, increasing kv leads to an increase in zc. Similar to 
kh, when kv is positive, the variations are more rapid. 
The average changes in zc for kv= -0.5 relative to kv=0 are 
about 22% and 40% in the negative and positive values 
of kh, respectively. These changes for kv=0.5 relative to 
kv=0 are 39% and 144% in the negative and positive 
values of kh, respectively.

The results of Peng [3] are also shown in Figure 6. It is 
clear that the values of results of this study are lower 
than those of Peng. For the selected parameters shown 
in the figure, the average relative errors between these 
two methods are 1% for the positive values of kh and kv 
and 30% for the negative values of kh and kv.

The effects of the soil friction angle (ϕ) and ground-
surface slope angle (β) values on zc are shown in Figure 
7. It is clear that zc increases with an increase in ϕ. The 

results of the analyses indicate that the soil-wall interface 
friction angle (δw) has very little influence on zc and its 
effect can be ignored.

Increasing β leads to an increase in the plastic critical 
depth. When β changes from -300 to 300, zc increases by 
about 17%. 

Figure 8 shows the influence of the soil cohesion and 
soil-wall interface adhesion on zc. The horizontal axis 
is the soil cohesion (c) and several graphs have been 
plotted for different values of cw/c. It is obvious that 
by increasing c, the plastic critical depth increases. 
Increasing cw/c also leads to an increase in zc, but its 
influence is less than that of c. For the assumed param-
eters indicated in the figure, the difference between the 
results of cw/c=0 and cw/c=1 for all values of c is about 
30%. The change of zc with c is linear. The slope of this 

Figure 6. The effects of the kh and kv values on the plastic 
critical depth.

z c
 (m

)

kh

Figure 7. The effects of the ϕ and β values on the plastic critical 
depth.

z c
 (m

)

ϕ (deg)

Figure 8. The effects of the c and cw values on the plastic 
critical depth.

z c
 (m

)

c (kPa)

z c
 (m

)

θ (deg)

Figure 9. The effects of the θ values on the plastic critical 
depth.
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line changes from 0.19 to 0.25 m/kPa when cw/c changes 
from 0 to 1.

Figure 9 shows the influence of the wall angle (θ) on zc. 
The horizontal axis shows the wall angle and changes 
from -300 to 300. Different graphs have been plotted for 
different values of the soil friction angle. We can see that 
by increasing θ, the value of zc increases. zc varies more 
rapidly with θ for the larger values of ϕ. For example, 
when ϕ=450, by increasing θ from -300 to 0, zc increases 
by about 202%. This increase for ϕ=0, when changing θ 
from -300 to 0 it is about 55% and when changing θ from 
0 to 300 it is about 34%.

4 CONCLUSIONS

The stress-characteristics method has been used to 
evaluate the plastic critical depth. The most important 
conclusions from this study are:

– The values of the results of the stress-characteristics 
method described in this paper for the plastic critical 
depth, zc, are smaller than those of the pseudo-
-dynamic [6], modified Rankin [4] and modified 
Mononobe-Okabe [3] methods and are closer to the 
modified Mononobe-Okabe method. The method of 
Lin et al. [7] under predicts the plastic critical depth. 

– Increasing the horizontal and vertical pseudo-static 
coefficients (based on their assumed directions) can 
increase zc. The percentage changes relative to the 
static case can be more than 100%.

– The values of zc increase with an increase in the soil 
friction angle, but the soil-wall interface friction 
angle has very little influence on zc and can be igno-
red.

– For the assumed direction of the ground-surface 
angle β, by increasing it, zc increases. For the sample 
parameters selected in this paper, by changing β from 
-300 to 300, the average increase in zc is about 17%.

– The cohesion of the soil (c) has a considerable effect 
on zc. The variation of zc with c is linear. The slope of 
this line increases with an increase in cw/c.

– Increasing the wall angle (for the assumed direction 
of this study) leads to an increase in zc. This effect is 
greater for larger values of ϕ. The influence of θ on zc 
is more than that of β.
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Izvleček

Z uporabo metode diskretnih elementov (DEM) so  na 
sestavljenih ovalih potekali dvoosni tlačni preizkusi, s 
katerimi so se preučevali odzivi zrnatih materialov na 
mikro ravni pri različnih vertikalnih tlakih. Numerični 
vzorci so bili sestavljeni iz 8450 ovalov v pravokotnem 
okvirju brez prekrivanja. Pripravljeni so bili štirje vzorci 
različne gostote iz začetno ustvarjenega razstresenega 
vzorca pri različnih vertikalnih tlakih. Rezultati simulacij 
podajajo napetostno-deformacijsko-dilatacijsko obna-
šanje, podobno kot pri opazovanih peskih pri različnih 
vertikalnih tlakih. Ugotovljen je bil razvoj različnih 
mikro-parametrov in njihovih medsebojnih odnosov. 
Ko je vertikalni tlak razmeroma visok, je razlika med 
koordinacijskim številom in učinkovitim koordinacijskim 
številom zelo majhna; vendar pa je razlika očitna za nizki 
vertikalni tlak. Opisana je tudi mikro topologija zrnatega 
sestava za več pomembnih stanj prestriga. Omeniti je 
potrebno, da je topološka razporeditev zrnatih materialov 
odvisna od vertikalnih tlakov. Normalizirano število 
praznih por je minimalno pri najnižjem vertikalnem 
tlaku, medtem ko je enako število največje pri najvišjem 
vertikalnem tlaku. Linearno razmerje je opaziti med 
normaliziranim številom praznih por in učinkovitim koor-
dinacijskim številom, ne glede na vertikalne tlake. Merjen 
je razvoj deviatorične teksture za različne vertikalne tlake 
in predstavljen makro-mikro odnos.

MIKRO ODZIVI ZRNATIH 
MATERIALOV PRI RAZLIČ-
NIH VERTIKALNIH TLAKIH Z 
UPORABO METODE DISKRE-
TNIH ELEMENTOV
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mikrostrukture, vertikalni pritisk, tekstura, mikro 
topologija, usklajevalno število, makro-mikro odnos
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Abstract

Biaxial compression tests were carried out on assemblies of ovals 
to study the micro-scale responses of granular materials under 
different confining pressures using the discrete element method 
(DEM). A total of 8450 ovals were generated in a rectangular 
frame without any overlap. Four dense samples were prepared 
from the initially generated sparse sample under different 
confining pressures. The simulated results yield a stress-strain-
dilatancy behaviour similar to that observed in sands under 
different confining pressures. The evolution of the different micro-
parameters and their inter-relationships are established. When 
the confining pressure is relatively high, the difference between 
the coordination number and the effective coordination number 
is very small; however, the difference is apparent for a low confin-
ing pressure. The microtopology of the granular assembly at 
several important states of shear is also reported. It is noted that 
the topological distribution of the granular materials is confin-
ing-pressure dependent. The normalized void-cell number is a 
minimum under the lowest confining pressure, whereas the same 
number is a maximum under the highest confining pressure. A 
linear relationship is observed between the normalized void-cell 
number and the effective coordination number, regardless of the 
confining pressures. The evolution of the deviatoric fabric for 
different confining pressures is measured and the macro-micro 
relationship is presented.

1 INTRODUCTION

The responses of granular materials are greatly 
influenced by the confining pressure. This is evident 
from numerous experimental studies [1-8]. These 
studies, in general, indicated that the deviatoric 
stress increases or the angle of the internal friction, 

[ ]1
1 2 1 2sin ( ) / ( )f s s s s-= - + , decreases with an 

increase of the confining pressure, where σ1 and σ2 are 
the stresses in the x1- and x2-directions, respectively. 
For example, Fukushima and Tatsuoka [2] considered 
extremely low to high confining pressures (5–400 
kPa) in triaxial compression tests and indicated that 
ϕ does not change a great deal when the confining 
pressure is low and the change is apparent when the 
confining pressures are relatively higher. In a similar 
study, Tatsuoka et al. [3] conducted a series of drained 
plane-strain compression tests under confining pres-
sures of 4.9 to 392 kPa considering the variation of 
bedding angles and reported that the dependency of ϕ 
is very small when the confining pressure is lower than 
50 kPa. Nevertheless, these characterizations have been 
made from experimental studies based on macroscopic 
measurements where the micro-scale information is not 
known. To explore the microscopic responses for differ-
ent confining pressures, the discrete element method 
(DEM) [9] can be used. Only a few studies considering 
the confining pressures using DEM have been reported 
in the literature. Mirghasemi et al. [10] studied the 
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effects of confining pressures on the shear strength and 
dilatancy of simulated rockfill using DEM and demon-
strated that the simulated stress-dilatancy behaviour is 
similar to data obtained from experiments on rockfills. 
Sitharam [11] studied the effect of confining pressures 
on the micro-scale responses using DEM and indicated 
that the increase in the average coordination number 
and the accompanying decrease in the fabric anisotropy 
reduce the shear strength at higher confining pressures. 
It is important to understand the micro-scale informa-
tion, even from a simpler simulation using DEM, before 
using this knowledge to develop physically sound 
continuum models. The objectives of the present paper 
are: (i) to simulate the macro-mechanical responses of 
assemblies of oval particles under different confining 
pressures (0–100 kPa) using DEM and (ii) to carry out 
a comprehensive study in order to explore the evolution 
of different micro-quantities under different confining 
pressures using DEM.

2 NUMERICAL EXPERIMENTS

In this section, the numerical method used in the simu-
lation, the sample-preparation procedures using ovals 
and the simulation of the biaxial compression tests are 
briefly discussed.

2.1 Brief overview of DEM

The numerical simulations were carried out using DEM. 
The basic idea in DEM is simple. Each particle in DEM 
can make and break contacts with its neighbours. The 
accelerations of a particle are computed using Newton’s 
second law of motion, as follows:

i imx f 1,2i= =å   ,        (1)

I Mq =å   ,        (2)

where m is the mass, ix  are the translational accelera-
tion components, fi are the force components, I is the 
moment of inertia, q is the rotational acceleration and M  
is the moment of a particle. The velocities and displace-
ments are obtained by integrating the accelerations over 
time. The increments of the normal and shear displace-
ments are computed by comparing the two successive 
time increments and used in the force-displacement law 
to obtain the increments of the normal and shear forces 
as follows:

,n s
n n s sf k u f k uD = D D = D ,        (3)

where kn and ks are the normal and shear contact stiff-
nesses, respectively. Slipping between particles occurs as 
soon as the following condition is satisfied:

tans nf f mf³  ,       (4)

where ϕμ is the interparticle friction angle, fn is the 
normal force and f s is the shear force.

2.2 Sample preparation

Numerical samples consisting of 8450 ovals in eleven 
different sizes (i.e., widths) ranging from 1 to 2 mm were 
prepared. A schematic diagram of an oval with refer-
ence axes is shown in Fig. 1. In the present simulation 
the computer program OVAL [12] is used. In OVAL, a 
simple contact model consisting of two linear springs 
in the normal and tangential directions is incorporated. 
The initial sample was created by randomly placing the 
ovals (height-to-width ratio of 0.60) on grids of a rect-
angular frame with no contact. The initial sample gener-
ated at this stage was very loose. This sample was then 
compacted isotropically with 15, 25, 50 and 100 kPa in 
different stages using the periodic boundaries, a bound-
ary condition in which the periodic cells are surrounded 
by identical cells. A particle that sits astride a periodic 
boundary has a numerical image on the opposite 
boundary. A deformation rate tensor is used to apply the 
global deformation uniformly. The interparticle friction 
coefficient, defined as tan mm f= , was intentionally 
turned off (set to zero) during the isotropic compaction 
to densify the assembly. When the target confining stress 
was reached, setting μ to zero in different stages during 
the isotropic compression, the sample was allowed to 
adjust with μ equal to 0.5 for a few steps before the start 
of the simulation. Then, μ was set to 0.50 [25] during the 
simulation of biaxial compression tests for all the confin-
ing pressures. An isotropically compressed dense sample 
compacted with 100 kPa with reference axes is shown 
in Fig. 2. The void ratio of the sample after the isotropic 
compression for different confining pressures was the 
same (0.126).

Figure 1. Schematic diagram of an oval with an inclination 
angle α.
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2.3 Simulation of a biaxial compression test

Simulations of drained biaxial compression tests were 
performed using the strain-control condition. During 
shear, the sample height decreased vertically with a very 
small strain increment of 0.00002% in each step by keep-
ing the stress in the lateral direction constant (i.e., 15 or 
25 or 50 or 100 kPa, whichever applicable). The param-
eters used in the simulations are presented in Table 1. 
Note that the coefficients of global-type viscous damping 
used in the present study (Table 1) are maintained suffi-
ciently small to keep the effect of the numerical damping 
to a minimum and to provide more stable solutions. 
The quasi-static condition during the simulation was 
examined by monitoring a non-dimensional index, Iuf, 
defined as follows [13]:

2

1

2

1

( ) /
100(%)

( ) /

p

c

N

p

uf N

c

unbalanced forces N
I

contact forces N
= ´

å

å
,        (5)

where Np and Nc are the numbers of particles and 
contacts, respectively. The unbalanced force in Eq. (5) is 
the resulting force acting on a particle. Lower values of 
Iuf are desirable because they are associated with a higher 
simulation accuracy [13] and indicative of the lowest 
effect of numerical damping. In the present study, Iuf 
remains reasonably small (the average value is less than 
0.4%) during shear, regardless of the confining pressures.

Figure 2. Isotropically compressed dense sample compressed 
to 100 kPa with reference axes.

3 MACRO-MECHANICAL RESPONSES

Fig. 3(a) shows the relationship between the deviatoric 
stress, 1 2( ) / 2q s s= - , and the axial strain, ε1, while 
Fig. 3(b) shows the relationship between q/p and ε1 for 
different confining pressures, ranging from 15 to 100 
kPa. Here, the mean stress, 1 2( ) / 2p s s= + . Note that 
q increases with an increase in the confining pressures. 
The classic behaviour of granular materials such as sand 

DEM parameters Value
Normal contact stiffness, kn (N/m) 1 × 108

Shear contact stiffness, ks (N/m) 1 × 108

Mass density (kg/m3) 2650
Increment of time step (s) 1 × 10-6

Interparticle friction coefficient, μ 0.50
Damping coefficients 0.05

Table 1. DEM Parameters used in the simulations

Figure 3. (a) Relationship between q and ε1;
(b) q/p and ε1 for different confining pressures.

(a)

(b)

ε1(%)

ε1(%)
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for a dense sample under plane-strain conditions (i.e., 
hardening is followed by softening) is observed. The 
relationship between ϕ at the peak stress and the confin-
ing pressure is shown in Fig. 4. Note that the change 
in ϕ at the peak stress is negligible when the confining 
pressure is lower than 50 kPa. Above a confining pres-
sure of 50 kPa, very little decrease in ϕ is observed. The 
simulated behaviour reported in Fig. 4 is qualitatively 
the same as that reported by Tatsuoka et al. [3] for plane-
strain compression and Fukushima and Tatsuoka [2] for 
a triaxial compression test using Toyoura sand, in which 
it was found that the change ϕ with the confining pres-
sure is very small when the confining pressure is lower 
than approximately 50 kPa. This confirms the ability of 
DEM to capture the real behaviour of sands qualitatively 
using ovals, even under very small confining pressures.

The relationship between the volumetric strain, εν, and 
ε1 is shown in Fig. 5. εν is defined as εν=dV/V, where dV 
is the change in volume and V is the initial volume of the 
sample prior to the shear. A positive value of εν denotes 
compression, while a negative value denotes dilation. 
Note that the dilation is suppressed as the confining pres-
sure increases. The sample exhibits only little compres-
sion at small strains for a confining pressure of 100 kPa 
(maximum one), which is followed by a huge dilation. In 
contrast, the sample exhibits dilation from the beginning 
of the shear for a confining pressure of 15 kPa (minimum 
one) due to the lower lateral confinement. Note also that 
the evolution of εν is almost the same for relatively lower 
values of the confining pressures (i.e., 15 and 25 kPa), 
which is the same as reported in Tatsuoka et al. [3]. The 
relationship between the dilatancy index, DI=-dεν/dε1, 
and ε1 is shown in Fig. 6 for different confining pressures, 
where dεν is the change in εν and dε1 is the change in ε1. 
Note that the relationship is dependent on the confining 
pressures even for a small strain.

Figure 4. Relationship between ϕ at the peak stress state and 
the confining pressure. Figure 5. Relationship between εν and ε1 for different confining 

pressures.

Figure 6. Evolution of dilatancy index -dεν /dε1 with ε1 for 
different confining pressures.

4 MICRO-MECHANICAL RESPONSES

In this section the evolution of different micro-param-
eters such as the coordination number, the effective 
coordination number and the slip coordination number 
and their inter-relationship are presented.

4.1 Coordination number

The change in the coordination number, Z, as a function 
of ε1 is shown in Fig. 7. Z is defined as follows [16]:

2 c

p

N
Z

N
=         (6)

A considerable reduction in Z is observed for the initial 
stage of the simulation due to the reshuffling of the 
initial fabric regardless of the confining pressures. The 

ε1(%)

ε1(%)
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behaviour is similar to that observed in other DEM 
studies [11, 14]. The reduction in Z is the highest for the 
lowest confining pressure. This is directly linked to the 
higher dilation under lower confining pressures, as is 
clear in Fig. 5. The lateral boundaries for lower confining 
pressures (i.e., 15 and 25 kPa) have less restriction to 
move outward from the sample, causing relatively more 
disintegration of the contacts in the lateral direction.

4.2 Effective coordination number

The effective coordination number is defined by 
considering the particles that effectively participate in 
the load-bearing framework, as reported in Kuhn [15]. 
The non-participating particles are neglected in comput-
ing the effective coordination number. The effective 
coordination number is defined in a similar way to the 
coordination number, as follows [15-16]:

2 c

p

N
Z

N
=         (7)

where cN  and pN  are the total number of contacts 
and particles, respectively, that share in the effective 
load-bearing framework. The change in Z  as a function 
of ε1 is shown in Fig. 8. Note that the behaviour of Z  is 
similar to that of Z. A comparison between Z and Z  for 
confining pressures of 15 kPa and 100 kPa is shown in 
Fig. 9 to show their relative importance and comparable 
evolution during shear. 

Note that the evolution of Z is higher than Z for both the 
confining pressures, even though their initial values are 
same. This indicates that the number of non-participating 
particles increases with the increase of ε1 during shear. 
Note also that the difference between Z and Z is higher 
for a confining pressure of 15 kPa than for 100 kPa.

Figure 7. Evolution of Z as a function of ε1 for different
confining pressures.

Figure 8. Evolution of Z  as a function of ε1 for different
confining pressures.

Figure 9. A comparison between Z and Z  for confining
pressures of 15 and 100 kPa.

4.3 Slip coordination number

The slip coordination number can be defined in a similar 
way to the coordination number, as follows [16]:

 
2 sl

p

N
S

N
= ,        (8)

where Nsl is the total number of sliding contacts. The 
change in S as a function of ε1 is shown in Fig. 10. 
Note that S reduces rapidly after an initial increase up 
to the peak, regardless of the confining pressures. The 
reduction is greater for a confining pressure of 100 kPa 
than for 15 kPa. Note also that the evolution of S has no 
similarity with Z and Z  up to the peak stress. 

4.4 Microtopology 

The topological distribution of a granular system can be 
represented as a planar graph by connecting the branch 

ε1(%) ε1(%)

ε1(%)
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Figure 10. Evolution of S as a function of ε1 for different 
confining pressures.

vectors of those particles that effectively participate in 
the load-bearing framework. Such a topological distribu-
tion of a granular assembly, considering only the effec-
tive contacts and particles, was proposed by Kuhn [15]. 
All sorts of non-participating particles are neglected in 
the planar graph in which each polygonal micro-domain 
is referred to as a void cell.

Following the same approach as reported in Kuhn [15], 
the topological distributions of granular materials in the 
initial state prior to shear (ε1=0), at the peak stress state 
and at large strain (ε1=10%) for confining pressures of 
15 and100 kPa are shown in Fig.11. The number of void 
cells is a maximum at zero strain, indicating a compact 
contact network for the initial state of the simulation 
prior to shear. The sizes of the void cells are also smaller 
at this stage. When the deformation starts, the number 

Figure 11. Snapshots of the topological distributions of granular materials at ε1=0, at the peak stress state and ε1=10% for confining 
pressures of 15 and 100 kPa.

ε1(%)

ε1=0 (15 kPa) ε1=0 (100 kPa)

Peak (15 kPa) Peak (100 kPa)

ε1=10% (15 kPa) ε1=10% (100 kPa)
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of void cells starts decreasing and the size of the void 
cells starts getting larger. At the peak stress state, the 
distributions of the void cells reshuffle and the change 
is apparent. Many void cells become elongated, almost 
parallel to the x1-direction due to the disintegration of 
contacts in the x2-direction. In addition, large voids are 
observed in several regions. The number of void cells 
continuously decreases and the size of the void cells 
further increases as the deformation continues.

Large voids are observed at ε1=10% for a confining 
pressure of 100 kPa. The formation of large void cells 
in several regions is a consequence of excessive contact 
disintegration due to the rotation of the particles and 
the collapse of the force chains. Although the void cells 
appear to evolve in a similar way for all the confining 
pressures, the difference is evident in Fig. 12, where the 

Figure 12. Relationship between Nν / Nνi  and ε1 for different 
confining pressures.

number of void cells (Nν) is normalized by the initial 
number of void cells (Nνi) prior to shear (ε1=0) and 
plotted against ε1. Note that the normalized void-cell 
number is same at zero strain for all the confining pres-
sures; however, it reduces as the deformation progresses. 
The minimum value Nν /Nνi is observed for a confining 
pressure of 15 kPa, whereas the maximum value is 
observed for a confining pressure of 100 kPa. The 
minimum number of Nν /Nνi for a confining pressure of 
15 kPa is associated with the maximum dilation during 
shear. The relationship between Z and Nν /Nνi for differ-
ent confining pressures is shown in Fig. 13.

The relationship between Nν /Nνi and Z regardless of the 
confining pressures can be mathematically expressed as 
follows:

3.45 2.1v

vi

N
Z

N
æ ö÷ç ÷= +ç ÷ç ÷çè ø

        (9)

4.5 Deviatoric fabric

The fabric in a granular system is highly disordered on 
the grain scale. The fabric is usually characterized by 
contact normals [17-19]. The fabric, Hij, can be quanti-
fied in term of contact normals as follows [20]:

1

1 , 1 2
cN

ij i j
c

H n n i j
N

a a

a=

= = -å  ,        (10)

where ina is the i-th component of the unit contact 
normal at the α-th contact. 

Further characterization of the contact normals based 
on the strong and weak contacts would be interesting 
[21-22]. In the present study, a contact is defined as 
strong if it carries a contact force (f) greater than the 
average contact force (fa) and defined as weak if it carries 
a contact force smaller than, or equal to fa. The average 
contact force is given by 
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Two additional fabric tensors for strong and weak 
contacts can be defined similar to Eq. (10) as follows [22]:

1

1 , 1 2
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s s s
ij i j

c s
H n n i j

N =

= = -å  ,        (12)
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wN

w w w
ij i j

c w
H n n i j

N =
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where s
in  and w

in  are the i-th component of the unit 
contact normals for the s-th strong and w-th weak 
contact, respectively, Ns is the number of strong contacts, 
Nw is the number of weak contacts and Nc = Ns + Nw.

Figure 13. Relationship between Z  and Nν / Nνi for different 
confining pressures.
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The evolution of the deviatoric fabric, H11 – H22 , for 
different confining pressures is shown in Fig. 14 as a 
function of ε1. H11 – H22 is zero at ε1=0 and increases 
with ε1 up to a peak, regardless of the confining pres-
sures and reaches the same value at large strain. The 
evolution of the fabric anisotropy is dominant for the 
lowest confining pressures. The highest fabric anisotropy 
with the lowest confining pressures is associated with the 
highest dilatancy, as observed in Fig. 5. The dilatancy is 
suppressed by the increasing confining pressures result-
ing in the suppression of the fabric anisotropy.

Similar to H11 – H22 , the evolution of 11 22
s sH H-  and 

11 22
w wH H-  as a function of ε1 is also shown in Figs. 15(a) 

and 15(b), respectively. 11 22
s sH H-  peaks at a small strain. 

At a large strain, 11 22
s sH H-  reaches almost the same 

value for different confining pressures. The evolution of 
11 22
w wH H-  is rather different from that of 11 22

s sH H-  .
11 22
w wH H-  is opposite to 11 22

s sH H-  near the peak, indicat-
ing a reverse fabric evolution of weak contacts, compared 
to strong contacts. However, 11 22

w wH H-  approaches to 
positive values with the increase of ε1. The phase-change 
point of 11 22

w wH H-  from negative to positive is confining-
pressure dependent. At large strain, 11 22

w wH H-  also reaches 
the same value for different confining pressures.

4.6 Macro-micro relationship

Several approaches in the literature related to the macro-
quantity (stress ratio) and the micro-quantity (fabric) 
computed using the single micro-parameter (contact 
normal) depending on the varieties of simulation 
conditions, such as particle shape, stress paths, sample 

Figure 14. Evolution of  H11 – H22 as a function of ε1
for different confining pressures.

Figure 15. Relationship between a) 11 22
s sH H-  versus ε1 and

b) 11 22
w wH H-  versus  ε1 for different confining pressures.

density, etc. [14, 22, 23-24] were reported. These studies 
indicated that the micro-quantity relates strongly to 
the macro-quantity when the contact normal vectors of 
strong contacts are considered in quantifying the fabric 
tensors. These studies also observed a unique macro-
micro relationship regardless of the conditions used in 
their studies. Following a similar approach, the relation-
ship between q/p and (H11 – H22)/(H11 + H22) at differ-
ent confining pressures is shown in Fig. 16 (a), while the 
relationship between q/p and 11 22 11 22( ) / ( )s s s sH H H H- +  
is shown in Fig. 16 (b).

Note that the relationship between q/p and (H11 – H22)/
(H11 + H22) is pressure dependent when all the contacts 
are considered. In contrast, q/p is almost equal to 

11 22 11 22( ) / ( )s s s sH H H H- +  for relatively lower confining 
pressures (i.e., 15–50 kPa) when strong contacts are 

ε1(%)

(a)

(b)

ε1(%)

ε1(%)
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considered. Note also that a unique relationship, regard-
less of the confining pressures considered in the present 
study, is not available, even when strong contacts are 
considered in quantifying the fabric tensors.

5 CONCLUSIONS

A numerical simulation was carried out to investigate 
the evolution of microstructures under different confin-
ing pressures using the DEM. The simulated stress-
strain-dilatancy behaviour is qualitatively similar to that 
observed in experimental studies using sands for differ-
ent confining pressures. Different micro-parameters are 
measured and their inter-relationship is discussed. It is 
important to understand the evolution of these micro-

Figure 16. Relationship between
a) q/p and (H11 – H22)/(H11 + H22) versus ε1 and b) q/p and 

11 22 11 22( ) / ( )s s s sH H H H- +  for different confining pressures.

parameters and their inter-relationship for different 
confining pressures, even from simpler simulations, 
before using this knowledge in developing physically 
sound and micro-mechanic-based continuum models. 
This micro-information may also be helpful for the 
comprehensive understanding of the complex behaviour 
of a granular system. Several interesting and important 
findings of this study are summarized below.

(i) The difference between the coordination number 
and the effective coordination number is very 
small when the confining pressure is relatively 
high; however, the difference is apparent when the 
confining pressure is very low.

(ii) The slip coordination number reduces sharply after 
an initial increase up to the peak stress, regardless 
of the confining pressures. At large strain, the slip 
coordination number under low confining pres-
sures takes precedence over the larger confining 
pressures.

(iii) The topological distribution of granular materials 
is confining-pressure dependent. The minimum 
value for the normalized void-cell number is 
observed for the lowest confining pressure, 
whereas the maximum value is observed for the 
highest confining pressure.

(iv) A linear relationship between the normalized void-
cell number and the effective coordination number 
is observed, regardless of the confining pressures.

(v) A single micro-parameter related to the contact 
normals of all the contacts is not sufficient to 
establish a unique macro-micro relationship 
between the stress ratio and the fabric ratio, 
regardless of the confining pressures.
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Izvleček

Na mestu izdelani betonski piloti X prereza (XCC) se 
uporabljajo, ker imajo višjo nosilnost kot na mestu 
izdelani betonski piloti krožnega prereza (CCC) z enako 
površino prereza. Čeprav je bila preučevana nosilnost 
XCC pilotov, uspešnost samostojnih XCC pilotov, pred-
vsem glede mehanizma prenosa napetosti v odvisnosti 
od geometrijskih učinkov, še vedno ni povsem jasna. V 
prispevku je podana primerjava terenskih statičnih obre-
menilnih preizkusov za XCC in CCC samostojna pilota z 
enako površino prečnega prereza. Za boljše razumevanje 
so bile dodatno izvedene tridimenzionalne numerične 
povratne analize. Izmerjeni in izračunani rezultati kažejo, 
da ima XCC samostojni pilot približno 25% višjo mejno 
nosilnost kot CCC samostojni pilot. To je zato, ker ima 
XCC samostojni pilot približno 20% višji skupni stranski 
odpor, ki je zaradi 60% večjega obsega prereza pilota in 
nekoliko manjše stranske odpornosti na enoto površine. 
V zemljini so se razvili bočni ločni  učinki, ki povzročajo 
neenakomerno razporeditev efektivne normalne in strižne 
napetosti po obsegu XCC samostojnega pilota. Ugotovimo 
lahko, da imajo XCC samostojni piloti višjo učinkovitost 
z vidika privarčevanega materiala v primerjavi s CCC 
samostojnimi piloti.

TEMELJNA ŠTUDIJA O 
UČINKOVITOSTI NA MESTU 
IZDELANEGA SAMOSTOJ-
NEGA BETONSKEGA PILOTA 
X PREREZA

Ključne besede

na mestu izdelan betonski pilot X prereza, terenski 
statični obremenilni preizkus, tridimenzionalni 
numerična povratna analiza, mehanizem prenosa 
napetosti, stranska odpornost, ločni efekt zemljine
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Abstract

X-section cast-in-place concrete (XCC) piles are used 
because they have a higher bearing capacity than circular-
section cast-in-place concrete (CCC) piles of the same 
cross-sectional area. Although the bearing capacity of 
XCC piles has been studied, the performance of XCC 
single piles, especially for the stress-transfer mechanism 
dependent on the geometrical effects, is still not fully 
understood. This paper reports two comparative field static 
load tests on an XCC and a CCC single pile of the same 
cross-sectional area. In addition, corresponding three-
dimensional numerical back-analyses are performed to 
provide a fundamental understanding. The measured and 
computed results reveal that the XCC single pile has an 
approximately 25% higher ultimate bearing capacity than 
the CCC single pile. This is because the XCC single pile has 
an approximately 20% larger total side resistance, which 
is caused by a 60% larger pile perimeter and a slightly 
smaller unit side resistance. Lateral soil arching effects 
are developed, causing a non-uniform effective normal 
stress and a shear stress across the circumference of the 
XCC single pile. It is suggested that XCC single piles have 
a higher efficiency in terms of material saving compared 
with CCC single piles.

1 INTRODUCTION

In order to improve the bearing capacity of a single 
pile, it is necessary to either increase its side resistance, 
end resistance or both [1]. By manipulating the cross-
sectional geometry of a pile, its cross-sectional perimeter 
can be increased without increasing the cross-sectional 
area (material waste), which, in effect, alters the side 
resistance. Many studies have been conducted on the 
behaviour of special cross-sectional piles, such as the 
barrette [2], the belled pile [3], the pipe pile [4-5], the 
large diameter cast-in-place pipe pile [6], the tapered 
pile [7], and the H pile [8-9]. These piles alter the cross-
sectional shapes that are designed to achieve the same 
objective, which is improving the pile performance, 
particularly the bearing capacity.

In recent years a new cross-sectional-shaped pile, the 
X-section cast-in-place concrete (XCC) pile, has been 
implemented in China (see Fig. 1). Since 2008, these 
new XCC piles, constructed as a piled raft system 
(including pile, gravel and/or geogrid), have been used 
to reinforce the soft ground for motorways in Nanjing, 
for example, two linkage sections between the express-
way and the Fourth Bridge of the Yangtze River, two 
sections of the Jiangshan Street, and a section of the 312 
National Motorway. The utilization of XCC piles in those 
projects has resulted in cost savings of more than 20%. 

A FUNDAMENTAL STUDY 
OF THE PERFORMANCE OF 
X-SECTION CAST-IN-PLACE 
CONCRETE SINGLE PILES
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To advance these techniques, mainly for the design 
and construction of XCC piles, comparative field tests 
and three-dimensional (3D) numerical back-analyses 
between an XCC piled raft and a circular-section cast-
in-place concrete (CCC) piled raft of the same cross-
sectional area and configuration have been conducted 
by Lv et al. [10-12]. The results indicate that, under the 
same load conditions, approximately 66% and 46% of 
the applied load is carried by the XCC and CCC pile, 
respectively, and simultaneously, approximately 45% and 
24% of the applied load is taken by the side resistance of 
the XCC and CCC pile, respectively. In other words, the 
larger bearing capacity of the XCC piled raft contributes 
to the cross-sectional geometry, leading to a larger pile 
perimeter and arching effects. In addition, a modified 
analytical solution, dependent on the cross-sectional 
geometry of XCC piles, was derived from the solution 
of Mindlin and Geddes by Lv et al. [13]. Correspond-
ing parametric studies were conducted to explore the 
geometrical effects. In addition, the behaviour of the 
negative skin friction on the surface of XCC piles has 
been studied and reported by Kong et al. [14].

However, the stress-transfer mechanism of a single 
pile is quite different from that of a piled raft [15-17]. 

Figure 1. Constructed: (a) XCC single pile, and (b) XCC pile group.

This is because the applied load is entirely carried by 
the pile for single piles, but it is carried by the piles and 
their surrounding soil for piled rafts. Nevertheless, the 
performance of XCC single piles, especially the stress-
transfer mechanism between XCC single piles and their 
surrounding soil, is still not fully understood. This paper 
aims at revealing the fundamental stress-transfer mecha-
nism for XCC single piles by field tests and 3D numeri-
cal back-analyses. For comparison, a CCC single pile of 
the same cross-sectional area is involved. The pile-soil 
interactions were considered by means of setting slip 
elements at the pile-soil interfaces.

2 BRIEF REVIEW OF XCC PILES 

The cross-section and corresponding parameters of 
the XCC piles are shown in Fig. 2. The circle drown 
by the dashed line is defined as the surrounding circle 
and the arcs cutting into the surrounding circle at four 
symmetrical positions are defined as the cutting arc. The 
geometrical parameters of an X-shaped cross-section are 
2a, 2R, θ, where 2a is the distance between two adjacent 
arcs; 2R is the diameter of the surrounding circle; and 
θ is the degree of the central angle of the cutting arcs. 
Thus, the radius of the cutting arcs r can be obtained by: 

2 2( )

2 sin
2

R a a
r



 
         (1)

For given geometrical parameters, the cross-sectional 
area of an XCC pile (AX) is calculated as:

Figure 2. Cross-section and parameters of an XCC pile.

   2 22 2 arcsin( ) cos 2 arcsin( )
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The cross-sectional perimeter of an XCC pile (CX) is 
calculated as

8 arcsin( ) 4
X

a
C R r

R
          (3)

The X-shaped cross-sections are formed to enlarge the 
pile perimeter by changing the directions of the arcs. 
Hence, ideally, the side resistance can be increased with-
out decreasing the end resistance.
 

3  METHODOLOGIES  

The performance of XCC single piles was studied using 
field tests and numerical simulations. Two field static 
load tests were conducted on an XCC single pile and 
a CCC single pile of the same cross-sectional area to 
explore the bearing capacity of XCC single piles. Mean-
while, corresponding 3D numerical back-analyses were 
carried out, not only to analyze the field tests but also to 
provide a deeper understanding.  

3.1 Brief review of field static load tests 

Two field static load tests were conducted in Nanjing, 
China. The XCC testing pile was cast in place using typi-
cal C20 concrete with dimensions of 2R = 0.53 m, 
2a = 0.11 m, θ = 130° and a pile length (L) = 10.5 m, 
giving a cross-sectional area of 0.112 m2 (Eq. 2). As 
a reference, a CCC single pile with the same cross-
sectional area (pile diameter D = 0.38 m) was produced. 
Thus, the perimeters of the XCC cross-section and the 

CCC cross-section are 1.93 m and 1.19 m, respectively 
(Eq. 3). The perimeter of the XCC single pile is approxi-
mately 60% larger than that of the CCC single pile.

The site of the field tests is a relatively flat terrain. 
Original landscape features are retained and belong to 
the Yangtze River floodplain topography, according to 
the geomorphologic unit. The geotechnical properties 
of the soil profile are shown in Fig. 3. The ground-water 
table is located at a depth of approximately 2.2 m below 
the ground surface. Cone penetration tests (CPTs) were 
conducted to obtain the stiffness of the soil layers. The 
soil layer from the ground surface to a depth of approxi-
mately 3.5 m is soft; this is a fill layer. From a depth 
of 3.5 m to 8.0 m, the penetration resistance is more 
than 10 MPa, indicating a stiff fine sand layer. From a 
depth of 10.5 m to 20.0 m, the penetration resistance is 
approximately 7 MPa, suggesting a sand layer. Between 
the stiff fine sand and the sand layer, there is a soft inter-
layer with a thickness of 2.5 m, which is silty clay. Some 
soil samples were retrieved for laboratory testing. The 
properties of the soil layers, including the water content, 
the unit weight, the effective friction angle, and the void 
ratio, are summarized in Table 1.

The test instrumentation consisted of the load apparatus 
and the detecting instruments. The load apparatus 
included a hydraulic jack and dial indicators. Different 
pressures, controlled by the load apparatus, were applied 
to the pile heads using a slow maintained load testing 
method. The pressure was read from the hydraulic table 
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From
/m

To
/m Type of soil Mean water 

content /%
Void 
ratio

Unit weight
/(kN/m3)

Young’s modu-
lus /MPa

Cohesion 
*/kPa

Effective friction 
angle /°

0.0 3.5 Fill 29.4 0.96 17.8 6 0 20
3.5 8.0 Fine sand 26.3 0.76 18.9 24 0 20
8.0 10.5 Silty clay 38.6 1.11 17.6 6 0 31

10.5 20.0 Sand 26.1 0.75 18.9 24 0 31

Table 1. Properties of the soil layers.

* denotes 1 Pa in ABAQUS

and the settlement was recorded using dial indicators 
with an accuracy of 0.01 mm. Each instrument was 
calibrated before the tests. More details about the field 
tests can be found in the literature [11].

3.2 Introduction of 3D numerical back-analyses 

In this paper, 3D numerical back-analyses were carried 
out using the finite-element program ABAQUS [18]. 
For consistency, a full solid was simulated without 
taking advantages of the symmetry. In other words, the 
dimensions of the numerical CCC single pile and the 
numerical XCC single pile coincide well with those of 
the corresponding testing pile. Fig. 4a shows the meshes 
of the 3D pile foundations. Reduced integrated 8-node 
brick elements were created. Duplicated nodes were 
used to form a zero-thickness interface between the piles 
and their surrounding soil, as shown in Fig. 4b, adjacent 
to which the fine elements were generated. The interface 
friction angle (δ) was estimated using the equation 
proposed by Randolph and Wroth [19]:

1 2tan [sin ' cos '/ (1 sin ')]             (4)

where ϕ' is the effective friction angle. The lateral 
earth-pressure coefficients (K0) were estimated using the 
equation:

0 1 sin 'K           (5)

The external boundaries were positioned 5 m (approxi-
mately 13D) laterally from the center of the single 
piles and 20 m (approximately 1.9L) below the ground 
surface. Since the piles located at a distance of 6D or 
greater can be considered as a single acting pile [20], the 
distance chosen (13D) is deemed as sufficient to ensure 
no boundary effects. The boundary conditions are as 
follows: the radial curved plane was allowed to move 
freely in the tangential and z directions, but was fixed in 
the radial direction; for the bottom plane (i.e., z = 20 m), 
all of the movements were restrained.

A drained analysis was used in the numerical simula-
tions. The piles (typical concrete) were simulated to be 

Figure 4. Finite-element mesh of: (a) 3D pile, and
(b) elasto-plastic slip.

linear-elastic, with the Young’s modulus being Ep (= 20 
GPa) and the Poisson’s ratio being v (= 0.2). The soil 
profile was simulated as an elasto-plastic material using 
the composite Mohr-Coulomb criterion. Fig. 5 shows 
the yield surface of the Mohr-Coulomb criterion [18]. 
The yield function is given by

(a)

(b)
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tan 0mcF R q p c            (6)

where p is the normal stress; q is the deviatoric stress; 
and Rmc(Θ,ϕ) is a measure of the shape of the yield 
surface in the deviatoric plane and is defined as

sin( 3) ( 3 cos ) cos( 3) tan 3mcR             (7)

where ϕ is the slope of the Mohr-Coulomb yield surface 
in the Rmcq-p stress plane, which is commonly referred 
to as the friction angle of the soils and ranges from 0 
to 90°; c is the cohesion of the material; and Θ is the 
deviatoric polar angle, which is defined as 

3 3cos(3 ) r q          (8)

where r denotes the third stress invariant. 

To eliminate the influence of apparent cohesion, the 
values of the cohesion for all of the soil layers were set 
to zero (1 kPa in ABAQUS). The effective friction angles 
were given according to the laboratory tests. The Young’s 
moduli of the soil layers were estimated based on the 
CPT tests. The Poisson’s ratios were taken to be 0.35 for 
all of the soil layers. The groundwater table was set at 
2.2 m below the ground surface as the monitored results 
in field. The soil properties are summarized in Table 1. 

Figure 5. Yield surface of the Mohr-Coulomb criterion in: (a) 
the meridional plane, (b) the deviatoric plane [18].

To simulate the static load tests, twelve steps including 
eight loading steps from P = 100 kN to 800 kN and four 
unloading steps from P = 800 kN to 0 kN were applied 
to the CCC single pile. A corresponding fifteen steps, 
including ten loading steps from P = 100 kN to 1000 kN 
and five unloading steps from P = 1000 kN to 0 kN, were 
applied to the XCC single pile. The load of each step was 
applied to the pile heads using linear amplitude.

4 RESULTS AND ANALYSES 

4.1 Measured and computed load-settlement rela-
tionships

The measured and computed pile settlements versus the 
applied loads are shown in Fig. 6. Since the pile tips were 
located at the bottom sand layer, the measured settle-
ment curves do not show a well-defined ultimate load. 
The computed settlement curves illustrate obvious elastic 
and plastic stages. The plastic stages of the CCC single 
pile and the XCC single pile start at approximately P = 
220 and 310 kN, respectively. In addition, the computed 
settlement of the CCC single pile is underestimated 
during the loading stages. Meanwhile, the computed 
settlement of the XCC single pile is underestimated 
for the former loading stages, but overestimated for 
the latter loading stages. The differences between the 
measured and the computed results could be induced by 
overestimating the soil stiffness and idealizing the consti-
tutive model. However, good agreements in the trend 
indicate the validation of the numerical back-analyses.

The ultimate bearing capacity that was adopted in this 
study was obtained using the settlement criterion s/D 
= 5% [21], where s denotes the pile settlement and 
D denotes the equivalent pile diameter. Hence, the 

Figure 6. Measured and computed load-settlement
relationships.

(a)

(b)
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measured ultimate bearing capacities of the CCC single 
pile and the XCC single pile are P = 350 and 500 kN, 
respectively. Subsequently, using the same criterion, the 
computed ultimate bearing capacities of the CCC single 
pile and the XCC single pile are approximately P = 400 
and 500 kN, respectively. It is obvious that the computed 
XCC single pile has an approximately 25% higher 
ultimate bearing capacity than the CCC single pile of the 
same cross-sectional area. In other words, XCC single 
piles have a higher efficiency in the cross-sectional area 
than the CCC piles. The contributions of the higher bear-
ing capacity of the XCC piles will be explored step by step.

4.2 Load sharing between the side resistance and 
the end resistance 

Fig. 7a and 7b show the computed axial forces of the CCC 
single pile and the XCC single pile, respectively. Both the 
CCC single pile and the XCC single pile have a similar 
trend, i.e., the axial force increases with an increasing 
applied load. Since the maximum loads of 800 kN and 
1000 kN were applied to the CCC single pile and the XCC 
single pile in field tests, respectively, four loading steps (i.e., 
200 kN, 400 kN, 600 kN, and 800 kN) are involved in the 
computed CCC single pile, and five loading steps (i.e., 200 
kN, 400 kN, 600 kN, 800 kN, and 1000 kN) are included 
for the computed XCC single pile in this figure. Addition-
ally, both the CCC single pile and the XCC single pile 
have another similar trend, i.e., the axial force decreases 
with the increasing depth. The axial force at the pile heads 
equals the applied load (P), while the axial force at the 
pile tips indicates the end resistance (Qend). Therefore, the 
slope of the axial force is the unit side resistance and the 
difference between the applied load and the end resistance 
(P–Qend) is the total side resistance. It was observed that 

Figure 7. Computed axial force of: (a) CCC single pile, and (b) XCC single pile.

the slope of the axial force of the XCC single pile is smaller 
than that of the CCC single pile, demonstrating that the 
side resistance of the XCC single pile should be larger 
than that of the CCC single pile. In other words, the end 
resistance of the XCC single pile is smaller than that of 
the CCC single pile. This is because the XCC single pile 
has 60% more pile perimeter than the CCC single pile, 
although it has an identical cross-sectional area. 

Based on the above description, the load sharing of 
the end resistance (αend) and the side resistance (αside) 
is obtained using Eq. 9 and Eq. 10, respectively. Fig. 8 
shows the proportion of the load sharing of the side 
resistance and the end resistance with respect to the 
applied load. No matter what the cross-sectional shapes,   
αend  decreases with the applied load for the initial load-
ing stages, but the trend becomes negative during the 
later loading stages, resulting in a minimum peak value 
at approximately P = 300 kN. Meanwhile, αside increases 
with the applied load for the initial loading stages, but 
the trend becomes negative for the later loading stages, 
inducing a maximum peak value at the same load. This 
phenomenon is governed by the mobilization of the side 
resistance and the end resistance. It is found that during 
the initial loading stages, more than 80% of the applied 
load is carried by the end resistance. This indicates 
that the applied load is mainly resisted by the pile tips 
because the trend of the relative motion between the pile 
and soil has not been developed. Then, αside exceeds 50% 
at approximately P = 200 kN. After the full mobilization 
of the side resistance (relative motion is approximately 5 
to 10 mm) [22], αside decreases, but αend increases again. 
This is because the end resistance is fully mobilized at 
approximately s/D = 5%, which is always later than the 
full mobilization of the side resistance [22]. 
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In addition, it was found that αside is exceeded by αend 
at P = 400 and 700 kN for the CCC single pile and the 
XCC single pile, respectively. This illustrates that the side 
resistance of the XCC single pile plays a more important 
role in resisting the applied load than the CCC single 
pile in serviceability conditions [22]. For example, αside 
of the XCC single pile is always larger than that of the 
CCC single pile. The average side resistance of the XCC 
single pile is about 120% that of the CCC single pile. 

Figure 8. Computed load sharing of the side resistance and the 
end resistance.

4.3 Unit side resistance and total side resistance 

In order to investigate the larger αside of the XCC piles, 
the unit side resistance and the total side resistance at P = 
500 kN are derived in Fig. 9a and 9b, respectively. In this 
study, the unit side resistance is back-calculated using 
the axial force. The total side resistance of a cross-section 
is obtained by the unit side resistance multiplied by the 
pile perimeter and the effective length of the segment. 
From the figure it is clear that the unit side resistance of 
the XCC single pile is smaller than that of the CCC single 
pile, especially for the lower part of the pile shaft. Below 
z/L = 0.7, the discrepancy between the two piles increases 
as the depth is increased. The unit side resistance of 
the CCC single pile is more than three times that of the 
XCC single pile at z/L = 0.85. Since the pile perimeter 
is normalized, the difference is caused by geometrical 
effects. After multiplying the unit side resistance by 
the pile perimeter, the total side resistance of the XCC 
single pile is about 120% that of the CCC single pile. This 
means that the pile perimeter plays an important role 
in improving the side resistance of XCC piles. The 60% 
higher pile perimeter induces an about 20% total side 
resistance, indicating that XCC single piles have a lower 
efficiency in the pile perimeter than the CCC piles. 

To reveal the lower efficiency of the pile perimeter for 
XCC piles, the shear stress at different locations, i.e., 
X1, X2, X3, and X4, is derived and shown in Fig. 9c. As 
a reference, the shear stress estimated by the β-method 
[23] is also plotted in the same figure, including β = 0.1, 
0.2, and 0.3. It was found that the shear stress developed 
on the concave surfaces of the XCC single pile (that can 
be described by β = 0.28) is larger than that developed 

Figure 9. Computed: (a) unit side resistance, (b) total side resistance, and (c) non-uniform shear stress under P = 500 kN.
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on the cylindrical surfaces of the CCC single pile (which 
can be described by β = 0.20), which is in turn larger 
than that developed on the outward flat surfaces of the 
XCC single pile (which can be described by β = 0.18). 
This observation provides two findings: firstly, for XCC 
piles, the β-method always overestimates the shear stress 
of the flat surfaces but underestimates the shear stress of 
the concave surfaces; secondly, the non-uniform shear 
stress induces a lower efficiency in the pile perimeter of 
the XCC single piles. In addition, at the intersection of 
the fill and fine sand (z/L = 0.33) and the fine sand and 
the silty clay (z/L = 0.76), the shear stress is unusual due 
to the special characteristics of the pile-soil interfaces.

4.4 Effective normal stress 

Since the magnitude of the shear stress is closely related 
to the effective normal stress, the effective normal stress 
in the surrounding soil elements is derived on the basis 
of polar coordinates. Fig. 10 shows the effective normal 
stress distribution for the section z/L = 0.5 at P = 500 kN. 
It was found that the effective normal stress acting on 
the concave surfaces of the XCC pile is the largest of all 
sections, resulting in the largest shear stress at position X1 
(see Fig. 9c). Meanwhile, the effective normal stress acting 
on the flat surfaces of the XCC pile is smaller than that on 
the cylindrical surface of the CCC pile and the concave 
surfaces of the XCC pile, resulting in a small shear stress of 
X4. This is because specific soil arching effects are devel-
oped across the circumference of the XCC piles, inducing 
stress redistribution. This is the fundamental reason for 
the larger ultimate bearing capacity of XCC single piles.

In order to illustrate the distribution of the effective 
normal stress along the depth, the effective normal stress 
acting on the pile shafts along the depth under P = 500 
kN is shown in Fig. 11. Different locations, i.e., X1, X2, 

X3, and X4, are also involved. It was found that no matter 
whether it is the CCC single pile or the XCC single pile, 
the effective normal stress increases along the upper 
depth and then decreases along the lower depth. There 
are peak values at the intersections between two adjacent 
soil layers (i.e., z/L = 0.33 and 0.76). This trend agrees 
well with the distribution of the non-uniform shear stress 
(see Fig. 9c). Governed by the geometrical effects, the 
effective normal stress acting on X1 is the largest, but that 
acting on X3 is the smallest. In other words, the non-
uniform shear stress on XCC pile shafts is induced by 
the non-uniform effective normal stress, which in turn 
results from the stress concentration and the principal 
stress rotation. There is an interesting phenomenon that 
the effective normal stress of X4 is obviously larger than 
that of X3, but the shear stresses of X3 and X4 are almost 
identical. This result demonstrates that the flat surfaces 
are easier to fully mobilize than the concave surfaces.

Figure 11. Computed effective normal stress along the depth 
under P = 500 kN.

Figure 10. Computed effective normal stress at z/L = 0.5 under 
P = 500 kN.

5  CONCLUSIONS  

Two field static load tests and the corresponding 3D 
numerical back-analyses were performed on an XCC 
single pile and a CCC single pile of the same cross-
sectional area to investigate the performance of XCC 
single piles with respect to the geometrical effects. 
Based on the measured and computed load-settlement 
relationships, it is observed that the XCC single pile has 
an approximately 25% higher ultimate bearing capacity 
than the CCC single pile. This is mainly attributed to 
the geometrical effects of XCC piles, including a larger 
pile perimeter and a special stress-transfer mechanism, 
resulting in a large total side resistance. 

Although the unit side resistance of the XCC single pile 
is slightly smaller than that of the CCC single pile under 
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the same applied load, the total side resistance of the 
XCC single pile is approximately 120% that of the CCC 
single pile. This is caused by two opposite factors: firstly, 
the perimeter of the XCC single pile is approximately 
160% that of the CCC single pile; secondly, the unit side 
resistance acting on the XCC single pile is smaller than 
that on the CCC single pile due to geometrical effects. 
A non-uniform effective normal stress was observed 
across the circumference of the XCC singe pile, leading 
to a non-uniform shear stress. Thus, the shear stress 
acting on the concave surfaces of the XCC single pile is 
larger than that on the cylindrical surface of the CCC 
single pile, which is larger than that on the flat surfaces 
of the XCC single pile. This is the special stress-transfer 
mechanism of XCC single piles, which is induced by soil 
arching effects around the X-shaped cross-section. 

XCC single piles have a higher efficiency in the cross-
sectional area (material saving) than CCC single piles 
of the same cross-sectional area since they have a 
higher bearing capacity. Meanwhile, XCC single piles 
have a lower efficiency in the cross-sectional perimeter 
than CCC single piles of the same cross-sectional area 
because the increment of the bearing capacity (25%) is 
smaller than the increment of the pile perimeter (60%).
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Izvlecek

V študiji so, iz več kot 90 terenskih opazovanj, zbrani in 
analizirani podatki o bočnih premikih sten 28 globokih 
izkopov v Istanbulu. Najbolj pogosto uporabljeni podporni 
zidovi za izvedbo globokih izkopov v Istanbulu so zidovi 
iz pasivnih sider in brizganega betona (SNPWs) in konti-
nuirane pilotne stene (CPWs). Druge vrste podpornih 
zidov vključujejo sidrane stene iz mikro pilotov (MPWs), 
diafragme (DWs), betonske stene (CWs) in pilotne stene s 
prekrivanjem pilotov (SPWs). Analize so bile izvedene za 
podatke za zidove iz pasivnih sider in brizganega betona 
ter podatke za sidrane zidove. Vrednosti maksimalnih 
bočnih pomikov zidu δh,max za projekte iz pasivnih sider 
in brizganega betona se splošno gibljejo od 0.05%H do 
0.35%H, s povprečno vrednostjo 0.20%H. Medtem, ko se 
vrednosti maksimalnih bočnih pomikov zidu δh,max za 
projekte s sidranimi pilotnimi stenami splošno gibljejo od 
0.043%H do 0.32%H, s povprečno vrednostjo 0.155%H. 
Nekateri dejavniki, ki vplivajo na deformacije globokih 
izkopov, kot so gostota pasivnih sider, kvocient vpetja stene 
in togost stene, so bili proučevani na osnovi podatkov 
terenskega opazovanja. Premiki zidu so bili primerjani 
tudi z rezultati opazovanj bočnih premikov nekaterih 
primerov varovanja izkopov iz celega sveta.

OBNAŠANJE ZEMLJINE 
OJAČANE S PASIVNIMI SIDRI 
IN BRIZGANIM BETONOM TER 
SIDRANIH ZIDOV NA PODLAGI 
PODATKOV TERENSKEGA 
MONITORINGA V RAZLIČNIH 
POGOJIH TAL V ISTANBULU

Ključne besede

globoki izkop, premik zidu, sestava tal, zaščita iz pasiv-
nih sider in brizganega betona, sidrani zid
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Abstract

In this study, data on the lateral wall displacements of 
28 deep excavations in Istanbul soil from over 90 field 
monitors were collected and analysed. The most commonly 
used retaining walls for deep excavations in Istanbul are 
soil-nailed shotcrete walls (SNPWs) and contiguous pile 
walls (CPWs). Other types of retaining walls include 
anchored micropile walls (MPWs), diaphragm walls 
(DWs), concrete walls (CWs) and secantpile walls (SPWs). 
The analyses were performed under two main headings: 
analysis of soil-nailed walls’ data and analysis of anchored 
walls’ data. The data of δh,max generally range from 
0.05%H to 0.35%H with an average value of 0.20%H 
in the soil-nailed projects. The data of δh,max generally 
range from 0.043%H to 0.32%H with an average value 
of 0.155%H in anchored pile wall projects. Some factors 
affecting the deformation of deep excavations, such as nail 
density, embedded wall ratio and wall stiffness, were stud-
ied based on field-monitoring data. Wall movements were 
also compared with observations in some case histories 
from around the world.

1 INTRODUCTION

Due to the city’s rapid economic growth, a number of 
deep excavation projects for high-rise buildings, shop-
ping malls and metro systems have been carried out in 
Istanbul during the past two decades [1]. Estimates of 
the wall movements and ground deformations induced 
by deep excavations are critically important in urban 
areas in order to be able to provide safety for adjacent 
structures and buildings [2, 3]. Understanding the 
behaviour of excavation bracing is a complicated issue 
because of the number of factors affecting the perfor-
mance of wall systems, such as soil type, base stability, 
compression and rebound, consolidation, wall-system 
stiffness, construction procedures, and workmanship 
[3, 4]. Any of these factors can contribute to the overall 
movement of a supported excavation. Therefore, great 
concern has been shown with respect to deep excava-
tions since the report initiated by Peck [5]. Numerous 
researches have been performed to understand and 
evaluate the behaviour of retaining walls. Because of 
the difficulties in making a direct analysis of the perfor-
mance of wall systems and the behaviour of ground 
deformation [3,6,7], case studies have been a better 
way to obtain information about deep excavations and 
retaining walls. Case studies performed by Ma et al. [3], 
Hwang and Moh [6], Finno and Bryson [8], Ou et al. 
[9], Hou et al. [10], Wong and Chou [11] can be given as 
examples. 

PERFORMANCE OF SOIL-
NAILED AND ANCHORED 
WALLS BASED ON FIELD-
MONITORING DATA IN DIFFER-
ENT SOIL CONDITIONS IN 
ISTANBUL
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Databases prepared by Goldberg et al. [12], Mana and 
Clough [13], Clough and O’Rourke [14], Ou et al. [15], 
Wong and Patron [16], Carder [17], Fernie and Suckling 
[18], Wong et al. [19], Hsieh and Ou [20], Long [21], 
Yoo [22], Moormann [23] and Leung and Ng [24] pres-
ent comprehensive information about the performance 
of in-situ walls constructed in urban areas in terms of 
different soil conditions, adjacent structures and utilities.

In this study, data from field monitors on the lateral 
displacement of the walls from some 28 deep excava-
tions in Istanbul soil were collected. The notation for 
the symbols and parameters used in this study is shown 
in Figure 1. The magnitudes of the lateral displacement 
for different types of retaining systems were compared 
with each other and also compared with relevant case 
histories worldwide. Furthermore, some factors affecting 
the deformation of deep excavations were studied.

Figure 1. Definition of the wall and support parameters in a 
deep excavation.

H is the excavation depth, Hemb is the embedded wall 
length, sv is the vertical distance between the anchors or 
soil-nailing levels, Hw is the depth of the ground-water 
level from the surface, δh,max is the maximum wall 
displacement and β is the wall inclination from the verti-
cal in Fig.1.

2 GENERAL SOIL CONDITIONS IN PROJECT 
FIELDS

A very comprehensive and detailed geotechnical survey 
carried out by the Metropolitan Municipality of Istanbul 
between 2005 and 2009 for very large areas of both the 
Asian and European sides of the city [25, 26] was used 
to explain the soil profile and general soil properties in 
the project fields. As a result of that intensive work, 24 
different local soil formations were identified on both 
the Asian and European sides. If the project fields are 
placed on the map of the microzonation work, it can be 
seen that 7 of the 24 local formations were encountered 
in deep-excavation projects. These local formations can 
be called Fill, Alluvium, Gungoren, Gurpinar, Bakirkoy, 
Cukurcesme and Trakya. The alluvium in the inves-
tigated areas mainly consists of clay-type materials of 
soft-to-medium stiffness. Sand layers are also present at 
different depths. The Gungoren formation is composed 
of clay and sand layers that are very stiff and dense. The 
over-consolidated clay layers in this formation show 
claystone properties. The Gurpinar formation generally 
consists of consecutive clay-claystone and/or sand-sand-
stone layers. The Bakirkoy formation contains limestone 
layers, but this formation also has clay-sand layers within 
the limestone layer. The Cukurcesme formation in the 
investigated areas is mostly composed of gravel and/or 
sand of different fractions and forms. The Trakya forma-
tion is the general name of the claystone-sandstone-
mudstone in Istanbul. The upper level of this formation 
can be seen mostly as highly fractured and/or weathered. 
Therefore, the upper levels in the Trakya formation 
can be defined as clay or sand, depending on the main 
fraction of the material. Figure 2 shows the borders of 
the investigation areas. The investigation work can be 
classified as in-situ tests and laboratory tests. 

According to the soil-investigation works carried out by 
the related department of the Metropolitan Municipality 
of Istanbul, the ground-water level is generally between 1 
m and 20 m from the ground surface in the investigated 
area depending on the altitude of the point at which the 
measurement of the ground-water level was made.

2.1 In-situ Tests

The geological investigation and geophysical measure-
ments were carried out as in-situ tests. The geological 
investigation consists of normal borehole, deep borehole, 
liquefaction borehole, landslide borehole and CPT. Table 
1 shows the content of the geological survey.

Table 2 shows the content of the geophysical investiga-
tion.
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Type of investigation 
work

Number of borehole 
points for Asian Side

Number of borehole 
points for European Side

Total quantity of bore-
holes for Asian Side (m)

Total quantity of boreholes 
for European Side (m)

Normal Borehole 4426 2830 98681 86840
Deep Borehole 122 27 11594 4201

Liquefaction Borehole 433 764 6683 12344
Landslide Borehole 10 608 227 18144

CPT Test ? 663 4076 8769

Table 1. Content of the geological survey.

Measurement method Number points measured for 
Asian Side

Number points measured for 
European Side Total quantity (m)

Seismic refraction 4132 2762 435093
Seismic reflection - - 34105

PS-Logging 504 201 10997
Array microtremor 30 30 -
Electric resistance 80 2625 -

Table 2. Content of the geophysical investigation.

Figure 2. Location of the projects and the border of the geotechnical investigation area in Istanbul.

2.2 Laboratory Tests

Laboratory tests included whole basic soil tests such 
as Atterberg limits, sieve analysis, unaxial and triaxial 
compressive strength tests, natural water content tests, 
hydrometer tests and consolidation tests. According 
to the reports of the microzonation works [25, 26], 

for natural water content tests ASTM D2216, for sieve 
analysis ASTM D422, for hydrometer tests ASTM 
D4221, for Atterberg Limits tests ASTM D4318, for 
unconfined compression tests ASTM D2166 and for 
Triaxial Compression tests ASTM D2850 standards were 
followed. Table 3 shows the content of the laboratory 
tests.
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As a result of a comprehensive geotechnical investiga-
tion, 24 different local soil formations were identified 
on the Asian and European sides of Istanbul. As can be 
seen from Figure 2, most of the projects were carried out 
bordering the geotechnical investigation area. Therefore, 
the soil formations encountered in the project files were 
identified using the results of the geotechnical investiga-
tion. Selected projects were conducted in 7 different 
local soil formations. The properties of the soil forma-
tion and a brief explanation of the local soil formation 
are given in Table 4.

3. SUMMARY OF INFORMATION FROM 
COLLECTED DATA 

For the database, data from 28 individual projects in 
Istanbul were collected. Almost all of these projects 
were carried out in the past two decades. The data were 
mainly extracted from conference proceedings, PhD 
theses and a company database that contains a lot of 
valuable unpublished data. In each case, the measured 
wall displacement was analysed in terms of the wall type, 
the support system and its geometric configuration, the 
embedded wall ratio, the soil-nailing density, the wall 
stiffness and the soil type. 

The most common method for measuring wall deflec-
tion is the use of vertical inclinometers, instruments for 
measuring the relative horizontal displacements through 
a borehole casing placed behind the wall. The bottom 
must be embedded to the zero displacement zone. An 

Side Natural water 
content tests

Determination of the grain size 
distribution Atterberg 

Limits
Unaxial Com-
pressive Tests

Triaxial 
Tests

Consolida-
tion

Sieve analysis Hydrometer Tests
Asian  29072 29071 6867 21608  572 214  1339

European  53938  53938  124 46432 1120  462  2315

Table 3. Content of the laboratory tests.

Local formation 
name Definition of the formation Wn

(%)
WL 
(%)

Wp 
(%)

Ip
(%)

Particle size distribution
Cu 

(kPa)Clay and 
Silt (%)

Sand 
(%)

Gravel 
(%)

Fill New and old fill material 23.8 46.5 13.2 33.3 48.4 28.3 23.3 85
Alluvium Sandy soft to stiff clay 32.2 50.3 13 37.3 68.1 26.4 5.5 69

Trakya Mudstone, sandstone, claystone (from 
fractured to extensively fractured) 14.6 35.5 15.3 20.2 35.2 37.7 27.1 93

Gurpinar Alternating sandy stiff clay-claystone 24.6 56.1 15.7 40.4 73.6 23.4 3 127
Gungoren Soft-to-medium sandy clay 28.9 60.6 16 44.5 79.1 17.7 3.2 98
Bakirkoy Limestone with clay strip 24.1 47.1 15.2 31.9 62.8 18 19.2 78

Cukurcesme Clayey gravely sand 17.8 41.3 13.5 27.8 36.6 54.2 9.2 164

Table 4. Average soil properties of the local soil formation.

inclinometer is read using a probe. The probe measures 
the tilt, which can be converted to a horizontal move-
ment. The inclinometer probe is connected to a power 
source and readout unit to enable the measurements. 
The electrical cable linking the probe to the readout 
device is usually marked in 0.5-m increments so the 
shape of the casing can be measured at consistent depths. 
The measurements are taken starting at the bottom of 
the inclinometer. Subsequent readings are made of the 
casing as the probe is raised incrementally, usually at 
0.5-m intervals, to the top of the casing. This process 
is conducted shortly after the casing is installed to 
determine the initial shape of the casing, i.e., to obtain 
the zero reading. The difference between the zero and the 
subsequent readings is used to determine the change in 
the shape and position of the initially vertical casing [27].

Two sets of casing grooves allow the inclinometer 
probe to be oriented in either of two planes set at 90° 
to each other. Therefore, the horizontal components of 
movement, both transverse and parallel to any assumed 
direction of movement, can be computed from the incli-
nometer measurements [28]. The measurement accuracy 
is generally to hundredths of a mm.

The most commonly used retaining walls for deep 
excavations in Istanbul are soil-nailed shotcrete walls 
(SNPWs) and contiguous pile walls (CPWs). Other 
types of retaining walls include anchored micropile walls 
(MPWs), diaphragm walls (DWs), concrete walls (CWs) 
and secant pile walls (SPWs). Summarized information 
about the projects is given in Table 5.
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No. Project 
Name District Support 

System Wall type Soil 
profile

Soil 
formation 

name

H
(m)

Hw
(m)

Hemb 
(m)

Sv
(m)

Sh
(m)

η (m/
m2)

EI 
(kNm2

/m)
n δh, max 

(mm) Reference

1 Baumax 
AVM Avcilar Multi 

anchored

80 cm 
diameter 

bored pile

Clayey 
sand-

Hard clay

Gung-
oren 15.8 - 6.7 2.4 1 - 312500 4

7.9
Unpub-
lished 
data

25.3
18.9
36.3

2

Karabulut 
Textile 
Factory 
Project

Kagith-
ane

Multi an-
chored+ 

strut

65 cm 
diameter 

secant 
pile

Silty soft 
clay Alluvium 8 -2 6 2 1.2 - 172300 2

18.4 Unpub-
lished 
data30

3
Busi-

nessPort 
AVM

Bahce-
lievler

Multi 
anchored

65 cm 
diameter 

bored pile

Clayey 
sand-clay

Gung-
oren

21.6

-

3.7

2.5 1.8 - 115000 5

49.7
Unpub-
lished 
data

21.6 3.7 68.5
21.6 3.7 43.2
19 4.1 34.2
18 4.5 19.8

4 Taksim 
Residence Sisli Multi 

anchored

25 cm 
diameter

 micro 
pile

Mud-
stone-

sandstone
Trakya

19.65
-14 ? ? - 1070 2

19.65 Cetin et 
al. [29]18.70 16.8

5 Bomonti Sisli

Multi 
anchored

25 cm 
diameter 

micro pile

Fractured 
sandstone Trakya

26
-

2.5
2.5 1.5 - 2350 2

43.3
Unpub-
lished 
data

22.8 2.1 42.5

Soil nail-
ing

Shotcrete 
wall

Fractured 
sandstone Trakya 22 - 1.5 1.5 5.5 1 14.60

6 Tekfen 
Towers Levent Soil nail-

ing
Shotcrete 

wall

Highly 
fractured 

gray-
wacke

Trakya 

25

 -  - 1.5 2 2.85  ? 5

45

Yilmaz et 
al. [30]

24 14.4
20 10

19.50 9.75
24 19.2

7 Otoport Esenyurt Multi 
anchored

80 cm 
diameter 

bored pile

Clayey 
sand-san-

dy clay

 Gung-
oren

25
-6

7.2
2.3 2  312500 2

51.7 Unpub-
lished 
data21 6  22.1

8 Setat 
2002 Levent Soil nail-

ing 
Shotcrete 

wall Dense fill Fill 

9.50

 -  - 1.5 2 2.4  ? 4

7.6
Yilmaz et 

al. [30]
10 10
10 10
13 22.1

Figure 3. (a) Principles of an inclinometer. Configuration of 
inclinometer parts. (b) Illustration of inclinometer process.[28]

(a) (b)

Table 5. Summary information of the projects.
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No. Project 
Name District Support 

System Wall type Soil 
profile

Soil 
formation 

name

H
(m)

Hw
(m)

Hemb 
(m)

Sv
(m)

Sh
(m)

η (m/
m2)

EI 
(kNm2

/m)
n δh, max 

(mm) Reference

9 Ideal 
Hospital

Gazios-
manpasa

Multi 
anchored

100 cm 
diameter 

bored pile

Gravely 
sand 

overlying 
sandstone

Cuku-
rcesme 
Trakya

29.2  - 4.4 2.9-
2.5-2 1.2 -  699850 1 18.9

Unpub-
lished 
data

10
Metal Co. 
Factory 
Project

Catalca Multi 
anchored

65 cm 
diameter 

secant 
pile

 Sandy 
gravely 

clay
 ?

9.25
- 

6.75 2.5 1.8
 -  123240 2

16.2 Unpub-
lished 
data5.25 3.75 1.7 2 4.1

11 BJK Fulya 
Complex Besiktas Soil nail-

ing
Shotcrete 

wall

Exten-
sively 

fractured 
sandstone

Trakya 

18.50

-  - 1.5 1.8

3.4

 ? 3

14.8
Keskin 

[1]
25 5.3 22.5

32.5 4.9 52

12

Saglık 
Group 
Hotel 

Project

Beyoglu Single 
prop

65 cm 
diameter 

secant 
pile

Alluvium Alluvium 6.1 -7 5.9  -  -  -  172300 2

7.4 Unpub-
lished 
data7.9

13 Erdem 
Hospital Gunesli Multi 

anchored

65 cm 
diameter

bored 
pile+

reinforced 
concrete 

wall

Medium-
hard clay

Güng-
oren 

16.3

 -

3

1 0.9-
1.8 -  122570 2

45.5
Unpub-
lished 
data

16.3 3 13.7

14
Filiz Con-
struction 

Co.
İkitelli Multi 

anchored

80 cm 
diameter 

bored pile

Medium-
hard clay

Gung-
oren 18.2 - 3  -  - -  312500 4 7.95

Unpub-
lished 
data

15
Besler 

Co. Ware-
house

Pendik Soil nail-
ing

Shotcrete 
wall

Exten-
sively 

fractured 
grey-
wacke

Trakya

14.7

 -  -

2 2
2.3

 - 3

10.3

Keskin 
[1]

16.2 2.4 17.8

18.4 2 1.8 2.7 12.9

16

Ozbas 
Cons. Co. 
Residence 

Project

Kadikoy Multi 
anchored

25 cm 
diameter 
micro-

pile+ 40 
cm con-

crete wall 

Highly 
fractured 
sandstone 
overlying 

Highly 
fractured 
limestone

Trakya 
Bakirkoy

22.9

 - - 2.1 1.8 - 233940 4

9.1

Unpub-
lished 
data

25.9 30.7

25.9 40.3

22.7 35.7

17 Isti-
nyepark 

İstinye-
Sariyer

Soil nail-
ing

Shotcrete 
wall

Exten-
sively 

fractured 
gray-
wacke

Trakya

10

-  - 1.5 2

1.7

 ? 9

27

Keskin 
[1]

10 2.8 22
12 2 37.2
12 2.9 25.2
14 3 19.6
16 2.7 44.8
18 3.1 55.8
20 3.2 80
22 3.4 96.8

18 Kanyon Levent Soil nail-
ing

Shotcrete 
wall

Exten-
sively 

fractured 
gray-
wacke

Trakya

14

 -  - 1.5 2

3.1

? 9

28

Keskin 
[1]

15.7 3.1 45.5
18.8 4 31.9
21.3 4.3 68.2
25.3 4.7 58.2
26.3 4.9 86.8
28.3 5.0 53.7
28.3 5.0 67.9
28.3 5.1 96.2

Table 5. Summary information of the projects (Continued).
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No. Project 
Name District Support 

System Wall type Soil 
profile

Soil 
formation 

name

H
(m)

Hw
(m)

Hemb 
(m)

Sv
(m)

Sh
(m)

η (m/
m2)

EI 
(kNm2

/m)
n δh, max 

(mm) Reference

19

Zeytin-
burnu 
Mu-

nicipality 
Under-
ground 
Parking 

Lot Proj-
ect

Zeytin-
burnu

Multi 
anchored

45 cm 
diameter 

bored pile

Lime-
stone 

with clay 
layers 

 Bakirkoy 11.3  3.7 2.6 2.1 -  29240 6

28.5

Unpub-
lished 
data

34

6.9

8.8

26.6

20.1

20

Alper Co. 
Company 
Residence 

Project

Umra-
niye

Soil nail-
ing

Shotcrete 
wall

Fractured 
Sand-
stone

Trakya
15.2

1.6 1.4 - 2
24.9 Unpub-

lished 
data15.2 34.5

21
Mashat-
tan Resi-

dans
Maslak Soil nail-

ing
Shotcrete 

wall

Exten-
sively 

fractured 
gray-
wacke

 Trakya 18.3 1.5 1.6 2.8  1 58.6 Keskin 
[1]

22 Terrace-
Mix Esenyurt Multi 

anchored

80 cm 
diameter 

bored pile

soft-
medium 

clay
Gurpinar 

11.5

 

12

2.2 1.25  -  312500  4

10.4
Unpub-
lished 
data

11.5 12 15.3
13.4 9.6 26.9
13.4 9.6 17.2

23
Tepe 

Shopping 
Mall

Maltepe Soil nail-
ing

Shotcrete 
wall

Exten-
sively 

fractured 
gray-
wacke

Trakya 

7

  1.5 1.8

2.4

 4

5.6

Keskin 
[1]

9 5.3 16.2
9 3.1 15.3

10 5.3 24

24 Cultural 
Center

Sultan-
gazi

Multi 
anchored

65 cm 
diameter 

bored pile

Fill 
-Sand-
stone

Fill 17.6 3
2 1.7 - 146000 2

4.5 Unpub-
lished 
dataTrakya 17.6 3 6.7

25 Hotel 
Radisson

Kucuk-
cekmece

Soil nail-
ing

Shotcrete 
wall

clay-
sand-
lime-
stone-
over 

consoli-
dated clay

 Gung-
oren 7.5

- 2 2 - 2

15.4 Durgu-
noglu and 

Olgun 
[31]Bakirkoy 7.5 38.4

26
Axis 

Shopping 
Mall

Kaig-
thane

single 
anchored

+multi 
propped

Dia-
phragm 

wall

Soft clay 
overlying

Gung-
oren 

Trakya
17 - - 1280000 1 100

Durgu-
noglu et 
al. [28]

27

Faco 
Medicine 
Factory 
Project

Levent-
Besiktas

Multi 
anchored

65 cm 
diameter 

bored pile Gray-
wacke Trakya 

22 1.5 3.2 1.95

-

115000 1 45
Adatepe 

et al. [33]25 cm 
diameter 
micropile

18 1.5 2.7 2.1 2350 1 36

28

Siya-
vuspasa 
Under-
ground 
Parking 

Lot Proj-
ect

Bahce-
lievler

Multi 
anchored

80 cm 
diameter 

bored pile

Fill 
overlying 
Hard clay

Fill Gur-
pinar 11 3 2.25 1.7 - 312500 4 10.1

Unpub-
lished 
data

Table 5. Summary information of the projects (Continued).
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H is the excavation depth, Hw is the depth of the 
underground water level from the surface, Hemb is the 
embedded wall length, Sv is the vertical distance between 
the anchor or soil-nailing levels, Sh is the horizontal 
distance between the anchor or the soil nailing, η is the 
nail density (m/m2), EI is the wall stiffness, n is number 
of the inclinometers in a project, δh,max is the maximum 
lateral wall displacement in Table 5.

The anchor properties in the anchored wall projects are 
given in Table 6.

4 DATA ANALYSIS

4.1 Analysis of soil-nailed wall data

Soil nailing is a useful technique for constructing 
excavations by reinforcing with fully bonded steel 

Project No Project Name
Excavation Depth 

(m)
Number 

of Anchor 
Rows

Anchor Length
(m)

Tendon 
Diameter 

('')

EA 
(kN/m)

Allowable 
Tensile Ca-
pacity (KN)Min. Max. Min. Max.

1 Baumax AVM 15.80 6 20 25 0.6 112000 728

2 Karabulut 
Textile Factory 8 3 20 14 0.6 84000 545

3 BusinessPort 18 21.60 5-8 12 22 0.6 84000 545

4 Taksim Resi-
dence 18.7 19.65 ? ? ? 0.6 84000 545

5
Bomonti Hotel 
and Congress 

Center
22.8 26 11 12 28 0.6 84000 545

7 Otoport 21 25 10 35 0.6 84000 545
9 Ideal Hospital 29.2 11 18 32 0.6 140000 910

10 Metal Co. Fac-
tory 5.25 9.25 3-4 13 19 0.6 84000 545

13 Erdem Hos-
pital 16.3 7 19 30 0.6 84000 545

14 Filiz Co. Fac-
tory 18.2 6 14 25 0.6 84000 545

16 Ozbas Resi-
dence 22.7 25.9 12 13 35 0.6 84000 545

19 Zeytinburnu 
Parking lot 11.3 4 14 20 0.6 84000 545

22 Terramix 11.5 13.4 4-5 14 26 0.5 59200 385

24 Cultural Cen-
ter 8-17.6 3-8 12 19 0.6 84000 545

27 Faco Medicine 
Factory 18 22 7-9 13 22 0.6 84000 545

28 Siyavuspasa 
Parking lot 11 4 14 21 0.5 59200 385

Table 6. Anchor Properties for anchored walls.

bars. The reinforced surface is stabilized with sprayed 
concrete, which creates a zone similar to a conventional 
gravity retaining wall. However, this sprayed concrete 
face does not play a vital role in the structural stability 
of the soil-nailed wall system. The inclination to the 
vertical of the wall, the soil condition, the excavation 
depth and the nail density per unit length of the wall 
(m2/m) can be considered important factors affecting 
the performance of the wall system. Figure 4 shows the 
relationship between the maximum lateral displace-
ment of the wall (δh,max) and the excavation depth (H) 
for soil-nailed shotcrete wall systems. The data shown 
in Figure 4 are from projects 5, 6, 8, 11, 15, 17, 18, 20, 
21, 23 and 25.

There is a clear relationship between δh,max the maxi-
mum lateral displacement and the excavation depth. The 
data of δh,max generally range from 0.05%H to 0.35%H 
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with an average value of 0.20%H. Except for projects 
8 and 23, all the data shown in Figure 4 were obtained 
from projects carried out in the Trakya formation that 
is mainly composed of claystone-sandstone-mudstone, 
from extensively fractured to highly fractured. With a 
few exceptions, it can be said that the distribution of the 
data is within very reasonable limits. The data outside 
the limit are from Projects 17 and 25. Project 17 was 
conducted in the Gurgoren formation, which, composed 
of soft clay layers, is a weak soil formation in comparison 
to the Trakya formation. The excavation depth and the 
maximum wall displacement as a percentage of excava-
tion depth were 7.5 m and 0.51%H, respectively, for 
project 17. It can be said that the wall movement beyond 
the maximum limit was due to the weak soil condition. 
In project 25 there were 9 inclinometers. The data from 7 
inclinometers are within the limits, while the data from 
only 2 inclinometers are outside the limits. Sometimes, 
unexplained, excessive wall movement can be seen in 
projects that have very long facades.

Generally, the inclination of the wall varies between 
5° and 11° to the vertical in soil-nailing projects. This 
inclination has some positive effects on the performance 
of the wall, such as a lower earth pressure, a lower soil 
density and a better safety factor in comparison with the 
condition of a zero wall inclination to the vertical. Mittal 
[34] conducted a study on the effects of the variation 
of some design parameters, such as the nail length, the 
nail inclination and the wall inclination, on the safety 
of the wall. It was found that the safety factor of the 
wall system increases uniformly with an increasing wall 
inclination up to 20º to the vertical. Beyond this angle, 
the dimension of the increase of the safety factor of the 
wall system is very high.

Figure 4. Relationship between maximum wall displacement 
and excavation depth for soil-nailing data.

4.1.1 Influence of nail density

The nail density can be calculated as follows:

η = L/sv sh  [1, 35]        (1)

where η is the nail density, L is the average nail length, 
sv is the vertical distance between the nail levels and sh is 
the horizontal distance between the nails.

Figure 5 shows the relationship between the nail density 
and the excavation depth. The nail density increases with 
the height of the soil-nailed wall. With the exception of a 
few points, the data are evenly distributed on both sides 
of the slope line. 

Figure 6 (next page) shows the relationship between the 
nail density and maximum wall displacement.

The data are scattered over a wide range. Increasing the 
nail density is a natural consequence of increasing the 
excavation depth. Therefore, the nail density should be 
considered in conjunction with the excavation depth. 
It can be said that increasing the nail density is not a 
decisive factor solely on the performance of the wall.

4.2 Analysis of anchored wall data

The data for five different wall types were collected and 
analysed. Figure 7 shows the relationship between the 
maximum wall displacement and the excavation depth 
depending on the type of wall.

Similar to the soil-nailing data, there is a clear relation-
ship between the maximum lateral displacement and 
the excavation depth. The data of δh,max generally range 

Figure 5. Relationship between nail density and excavation 
depth.
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from 0.043%H to 0.32%H with an average value of 
0.155%H. With a few exceptions, it can be said that the 
distribution of the data is within very reasonable limits. 
The data from project 26 were obtained from soft clay 
overlying sandstone. The excavation depth was 17 m, 
which can be considered as a large depth. Although the 
wall type was a diaphragm wall, which has a high wall 
stiffness, the weak soil conditions combined with the 

Figure 6. Relationship between nail density and maximum wall displacement.

large excavation depth may have caused high wall move-
ments in practice.

The secant pile wall and the diaphragm wall systems 
are used to prevent water flow into the excavation 
site if the underground water level is above the final 
excavation depth. Although the data for the secant 
pile wall (SCW) and the diaphragm wall (DW) are 

Figure 7. Relationship between maximum wall displacement and excavation depth depending on the type of wall.
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very limited, it can be seen in Fig. 7 that the δh,max 
values from the SCW and DW projects are close to or 
over the max line. This limited data indicate that the 
underground water level should be taken into account 
very carefully in the design stage of the wall. MPW and 
MPW+CW data show that this type of wall has a very 
good performance in the soil conditions mentioned. As 
for contiguous pile walls (CPW), the data are generally 
between the maximum line and minimum line up to an 
excavation depth of H=20 m. However, for excavation 
depths greater than H=20 m, the data are above the 
average line and below the maximum line. An excava-
tion depth of 20 m can be considered as a threshold for 
a CPW.

Table 7 shows the results obtained from projects 1, 2, 
7 and 13 and the results given by some researchers for 
soft clay soil conditions regardless of the construction 
method or wall type.

Study
 δh,max / H Soil Con-

dition Note
Min. Avg. Max.

This study  
(project 2, 
7, 13, 22)

0.09 0.18 0.37 Soft-to-
stiff clays

Four 
different 
project 
results

Golden-
berg et al. 

[20]
0.90 Soft-to-

stiff clays

Case 
histories 

collection

Bentler 
[37] 0.452 Soft-to-

stiff clays

Case 
histories 

collection

Wang et 
al. [36] 0.452 Soft-to-

stiff clays

Case 
histories 

collection

Kung et 
al. [38] 0.39 Taipei clay

Case 
histories 

collection

Ou et al. 
[15] 0.40 Taipei soft 

soil

Case 
histories 

collection

Table 7. Comparison of this study’s results with other studies 
for soft-to-stiff clay condition.

As can be seen in Table 7, the average limit of lateral 
movement for soft-to-stiff clays is 0.18%H. This is 
smaller than the values given by Goldenberg et al. [20], 
Bentler [37], Wang et al. [36], Kung et al. [38] and Ou et 
al. [15].

Long [21] presented a database consisting of about 300 
case histories collected from different soil conditions 
with different wall and support types. As a result of an 

intensive analysis, it was found that the normalized 
maximum lateral movement values, δh,max, are mostly 
between 0.05%H and 0.25%H, where H is the excavation 
depth. In this paper, for soil-nailing data, the maximum 
lateral movement values range from 0.05%H to 0.35%H 
with an average value of 0.20%H, and for anchored wall 
data, the maximum lateral movement values range from 
0.043%H to 0.32%H with an average value of 0.155%H. 
The maximum lateral values presented by Long [21] and 
the maximum lateral values presented in this study differ 
only slightly from one another.

Tomlinson [40] reviewed 34 case histories of deep exca-
vations conducted with different methods. The results 
were grouped into three major categories of ground 
condition. For soft-to-firm NC clays, δh,max ranges from 
0.08%H to 0.58%H with an average value of 0.30%H, 
for stiff-to-hard OC clays, δh,max ranges from 0.06%H 
to 0.30%H with an average value of 0.16%H and for 
sands and gravels, δh,max ranges from 0.04%H to 0.46%H 
with an average value of 0.19%H. Projects 1, 10, and 14 
were conducted in hard clay. For these projects, δh,max 
ranges from 0.04%H to 0.23%H with an average value 
of 0.12%H, which are close to the values reported by 
Tomlinson [40] for hard clays.

A total of 536 case histories were collected and analysed 
by Moorman [23]. These case histories were classified 
into five categories in terms of the ground condition. 
For stiff clays in Moorman's database, the upper limit of 
the maximum lateral movement is 1%H and most of the 
data are under the 0.5%H limit. These values are higher 
than the values obtained from projects 1, 10 and 14 in 
this study. For very limited data from a deep excavation 
conducted in rock, the upper limit of the maximum 
lateral movement is 0.5%H and most of the data are 
under the 0.25%H limit. In this study, most of the data 
for the maximum lateral movement obtained from proj-
ects conducted in a rock formation are under 0.20%H, 
which is very close to the value for a deep excavation 
conducted in a rock formation presented by Moorman 
[23].

4.2.1 Influence of embedded depth ratio

The embedded depth ratio can be expressed as follows,

Remb = Hemb / H        (2)

where Hemb is the embedded depth of the wall and H 
is the excavation depth (m). This ratio is an important 
factor that reflects the economy of the wall [36]. Figure 
8 shows the relationship between the maximum wall 
displacement and the embedded depth ratio of the 
wall. 
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The dimensions of the maximum wall displacement are 
shown in mm units in Fig. 8(a), while they are shown 
as a percentage of δh,max /H in Fig. 8(b). Although the 
dimensions of the maximum wall displacement were 
expressed in two different ways, it can be seen that there 
is a clear trend that the embedded ratio increases while 
the lateral displacement, or δh,max /H ratio, decreases in 
accordance with the inclination line (Fig.8 (a) and (b)).

Figure 8. Relationship between maximum wall displacement and the embedded depth ratio of the wall.

Projects 2 and 22 have a higher embedded ratio. Project 
2 was conducted in very soft clay soil conditions. There 
was a risk that the anchors would not work because 
of the soft soil conditions. Therefore, the embedded 
ratio selected was very high. Similarly, project 22 was 
conducted in clay soil that had a landslide risk. Thus, the 
embedded ratio selected was more than 1. According to 
the displacement value of the wall, it can be said that a 

Figure 9. Relationship between maximum wall displacement and wall stiffness.
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high embedded ratio is a strong parameter to prevent 
excessive displacements provided that selection of high 
wall stiffness in soft soil conditions.

4.2.2 Influence of wall stiffness

Wall stiffness can be expressed as EI, where E is the 
elasticity modulus of the concrete and I is the moment 
of inertia of the wall. Figure 9 shows the relationship 
between the maximum wall displacement and the wall 
stiffness.

There is no definite information about the thickness of the 
shotcrete walls. The wall stiffness of the anchored walls was 
considered in this analysis. Figure 9 shows the data obtained 
from projects with large-diameter pile walls. Except for 
projects 9 and 26, the wall stiffness of the anchored pile 
walls is less than 500,000 kNm2/m and the data from 
anchored pile walls vary from 0.05%H to 0.45%H. There is a 
large scatter in the data. It can be said that there is no direct 
or no linear relationship between the wall stiffness and 
the movements. Hence, it can be interpreted that the wall 
movements are mainly independent of the wall stiffness. 
This result is consistent with those reported by Moormann 
[23], Moormann [39] and Long [21].

This study is the first attempt to prepare a deep-excavation 
database for Istanbul. Although there are limited data for 
some analyses, this database provides a good idea about 
the dimensions of wall movement. This database can be 
improved by collecting additional data in the future. 

Figure 10. Relationship between maximum wall displacement and excavation depth depending on soil type.

4.2.3 Influence of soil type

All the anchored wall data were plotted in Figure 10 in 
terms of the main soil type in which the projects were 
conducted.

The data for the Gungoren formation are around the 
average line up to an excavation depth of 20 m, after 
which the data are between the maximum and average 
lines. For the alluvium data, although the excavation 
depths are low, the data are between the maximum 
and average lines. The data for the Gurpinar formation 
are around the average line. The data from the Trakya 
formation are far from the maximum line even though 
the excavation depths are greater than 20 m. Because 
the data for the fill overlying Trakya formation and 
the Trakya-Bakirkoy formation are very limited, no 
interpretation can be made. However, it can be said that 
the data for the Trakya formation are the best results, 
regardless of soil type, wall type and support type. 

5. CONCLUSIONS

On the basis of the results from this study, the following 
conclusions can be drawn:

– The results obtained show that successful wall 
performance can be obtained under a wide variety 
of soil conditions provided that suitable wall and/or 
support systems are chosen in the design phase.
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– The maximum lateral displacement of the wall 
increases with an increasing excavation depth for 
all types of walls. The data for the SCWs and DWs 
are close to or over the max line. These limited data 
show that the underground water level should be 
taken into account very carefully in the design stage. 
The data for the MPWs and MPWs + CWs show 
that these types of walls perform well. The data for 
CPWs are generally between the max line and min 
line up to a H=20 m excavation depth. However, 
for an excavation depth over H=20 m, the data are 
above the average line and between the average and 
maximum lines. An excavation depth of H=20 m 
can be considered as a critical excavation depth for 
CPWs.

– The data for δh,max generally range from 0.05%H to 
0.35%H with an average value of 0.20%H in soil-
-nailed projects. The data for δh,max generally range 
from 0.043%H to 0.32%H with an average value of 
0.155%H in anchored pile wall projects

– The nail density increases with the height of soil-
-nailed walls. It should average 2.2 m/m2 for H=10 
m, 3.5 m/m2 for H=20 m and 4.8 m/m2 for H=30 m, 
according to the data obtained from projects conduc-
ted in Istanbul.

– With regard to soil-nailing shotcrete wall systems, it 
can be said that a soil-nailed shotcrete wall system is 
a very suitable system in rock conditions if there is 
no adjacent structure or infrastructure. 

– Wall inclination to the vertical is an important factor 
to be able to obtain good performance for soil-
-nailing projects.

– In light of the analysis, there is a clear trend that 
the maximum wall displacement decreases with 
an increasing embedded ratio. Especially in soft 
soil conditions, a high ratio should be chosen to be 
able to prevent excessive soil and wall movements. 
However, this ratio is also related to the economics of 
the project. Therefore, this ratio should provide both 
safety and economy at the same time.

– There is no linear relationship between the wall 
stiffness (EI) and the wall movements (δh,max). A 
number of different δh,max values can be seen for the 
same EI values. In this case, the excavation depth is a 
more important parameter than the embedded ratio.

– Soil type has an important influence on the dimen-
sions of wall movement. The project conducted in 
the Trakya formation had the best results in terms of 
wall movement. Down to an excavation depth of 20 
m, the wall movements for the projects conducted 
in the Gungoren formation are around the average 
line. However, beyond an excavation depth of 20 m 
designers should be careful in the design process for 
projects in the Gungoren formation.
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Izvleček

Nabrekljive zemljine je mogoče najti v mnogih delih 
sveta. Stanje prakse na tem področju se spreminja v 
zadnjih desetletjih. Projektiranje temeljev v nabrekljivih 
tleh predstavlja pomemben izziv za inženirje. Pretirana 
škoda nastane deloma zaradi pomanjkanja ustreznega 
načrtovanja, zaradi česar je potreba po boljših orodij za 
projektante, da bi se ocenil vpliv nabrekljivih tal v tipičnih 
projektnih situacijah. Za natančno napovedovanje dvigo-
vanja tal je potrebno pravilno merjenje tlaka nabrekanja.

Predlagan je teoretični model, s katerim je opisan 
potencial nabrekljivih glinenih tal, karakteristike glin so 
pridobljene iz edometrskih preizkusov. Prispevek opisuje 
analizo obnašanja nabrekljive zemljine pri povečani 
vlažnosti pod zgradbami in objekti. Metode in načela, ki se 
trenutno uporabljajo za oblikovanje konstrukcij temeljev 
na nabrekljivih zemljinah, so zaradi neenakomerne 
deformacije teh zemljin pri obremenitvah, problematična. 
Pričujoča študija je bila izvedena za izračun dviganja 
plitvih temeljev na nabrekljivih tleh, z upoštevanjem 
spremembe vlažnosti zemljine, kot tudi porazdelitve 
kontaktnih tlakov pod temelji.

METODA NAPOVEDOVANJA 
DEFORMACIJ NABREKLJIVIH 
GLINENIH ZEMLJIN IN OBLI-
KOVANJE PLITVIH TEMELJEV, 
KI SO PODVRŽENI DVIGANJU

Ključne besede

nabrekljiva zemljina, velikost nabrekanja, pritisk nabre-
kanja, prosti edometrski preizkus nabrekanja, obremeni-
tveni edometrski preizkus nabrekanja, plitvi temelji
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Abstract

Swelling soils can be found in many parts of the world. The 
state of practice in this area has been changing over recent 
decades. The design of foundations for expansive soils is 
an impo rtant challenge facing engineers. The excessive 
damage is, in part, due to the lack of proper design, result-
ing in the need for better tools for practitioners in order to 
assess the impact of swelling soils in typical design applica-
tions. A correct measurement of the swelling pressure is 
required for an accurate prediction of the heave. A theo-
retical model is proposed to describe the swelling potential 
of clay soils on the basis of their characteristics obtained 
from oedometer tests. This paper describes analysis of the 
behavior of swelling soils when moistened under buildings 
and structures. The methods and principles currently used 
for the design of structure foundations on swelling soils 
involve important problems due to the non-uniform defor-
mations of these soils when subjected to structural loads. 
The current study was conducted to compute the uplifting 
of shallow foundations on swelling soils considering the 
water-content change as well as the contact-pressure 
distribution under the footing.

1 INTRODUCTION

In any geotechnical study relative to a construction 
project, the swelling of a soil is as important as the 
settlement. The dimensional variations that, result from 
this phenomenon, constitute a permanent challenge for 
design and geotechnical engineers. The durability of a 
structure constructed on swelling soils depends on an 
appropriate appreciation of the phenomenon.

The swelling of clay soils, containing smectites or 
illites in different quantities, is the origin of numer-
ous problems in buildings and large structures. These 
disturbances are frequent in regions with a dry climate 
like some parts of the Caucasus parts, in Kazakhstan, 
Algeria, Morocco, etc.

The swelling of soils can provoke important material 
damages, or even partial to total rupture of the structure, 
when it is not considered in the design process. It is 
therefore important to foresee correctly the possible 
distortions of swelling soils, in terms of amplitude and 
the speed of evolution, and to analyze its influence on 
the serviceability and stability of the structure.

Swelling soils have been a major concern for designers 
over many years. Some construction procedures have 
been developed to limit the effects of inflation on the 
constructions and can be found in the classic works, of., 
Lancelot L et al., Mouroux et al. (in French) [19] [22], 
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Sorochan E.A., Mustafaev A.A. (in Russian) [27] [23], 
and Chen F.H. (in English) [7].

Currently, an abundance of documentation explains 
the mechanisms for the swelling of clays, either at the 
microscopic level as in test tubes tested in the laboratory 
or in-situ soil. Nevertheless, a survey of the behavior of 
the structures in contact with swelling soils constitutes 
a complex task and the existing methods contain some 
insufficiencies. Most of the research carried out, is 
limited to the amplitudes of the inflation of the clay 
soils in nature, under loads of spread foundations. Little 
attention has been given the propagation of the inflation 
phenomena in the mass of the swelling soils as a func-
tion of time.

2 IDENTIFICATION OF THE MATERIAL.

The studied swelling clay comes from the Urban District 
of Baku (Azerbaijan) where it has provoked many 
disturbances in the structures of a concrete channel. The 
tests were carried out on samples of undisturbed clay 

Figure 1. Example of disorders in the construction of the “ 
Samour –Apcheron “ concrete channel.

soil, of the Pliocenes era, collected from the Shamour 
channel "Apcheron", (Baku) in the soil mechanics labo-
ratory of the Civil Engineering Institute of Baku (Figures 
1 to 3).

2.1 Mineralogical analysis

A diffractometry analysis using X-rays was performed 
to determine the mineralogy of the studied soils. The 
physical and mechanical properties are given in Table 1.

A chemical analysis of the samples of inflating clays gave 
the following compositions:

Soil characteristics Symbols Unit Values
Natural water content W % 10–16
Degree of saturation Sr % 83–91

Wet Unit Weight  γh kN/m3 21.6–22.5
Dry Unit Weight  γd kN/m3 17.7–18.3

Specific Unit Weight  γs kN/m3 27.3–27.4
Voids Ratio e % 49.6–54.2

Porosity n % 33–35
Liquid Limit  WL % 46–51
Plastic Limit  WP % 24–32

Plasticity Index IP % 19–22

Liquidity Index IL % -41.0 to 
-74.0

Coefficient of compress-
ibility av 1/MPa 0.08

Modulus of distortion 
between 0.1– 0.2MPa E MPa

  - At natural water content 7.0–7.8

  - After saturation  6.0–7.2

Cohesion C MPa
  - At natural water content 0.2–0.58

  - After saturation  0.08–0.14

Internal friction angle φ Degree

  - At natural water content 25–31
  - After saturation   17–23

Grain size distribution
- 0.5 - 0.25 mm % –

- 0.25 - 0.1 mm % –

- 0.1 - 0.05 mm % 18.26

- 0.05 - 0.01 mm % 23.58

- 0.01 - 0.005 mm % 11.79

- 0.005 - 0.001 mm % 46.37

Table 1. Physical and mechanical characteristics of the studied 
clay soils.



67.Acta Geotechnica Slovenica, 2016/1

M. Baheddi et al.: A method for predicting the deformation of swelling clay soils and designing shallow foundations that are subjected to uplifting

      SiO2: 52.28 %      Al2O3: 15.27 %      Na2O: 2.73 %
       K2O: 2.59 %         MgO: 2.45 %         CaO: 6.70 %
       TiO2: 0.79 %       MnO2: 0.10 %        Fe2O3: 6.77 %

The chemical analysis by using the method of dosage of 
the elements composing the swelling clay produced the 
results in Table 2.

N° of the 
sample

Units Denomination 
Na+K Ca++ Mg++ Cl SO4 HCO3 CO3 PH

1 % 13.88 1.49 0.33 7.3 6.59 1.19 0.63 7.5
2 % 12.18 1.69 0.33 7.30 5.42 0.89 0.59 7.8
3 % 13.88 1.29 0.25 7.30 6.84 0.89 0.39 7.8

Table 2. Chemical composition of the studied clays.

Figure 2. Test of inflation in a free cell oedometer (without piston).

Figure 3. Swelling test in an oedometer under load.

3 EXPERIMENTAL ANALYSIS AND 
INTERPRETATION OF THE RESULTS

The swelling rate corresponds to the relative variation 
in volume (%) of a sample either unloaded or subjected 
to a small load (generally the weight of the piston in 
the oedometer) when it is put into contact with water 
without pressure. The pressure of swelling is consists 
of an "osmotic" component due to the difference in 

the concentration of salts of the interstitial water and a 
"matrix" component, governed by the initial negative 
interstitial pressure of the sample. In most cases "matrix" 
component plays, a major role. 

Numerous methods have been proposed in the literature 
to evaluate the inflation potential of a soil from measures 
of the plasticity parameters and grain-size distribution, 
for example, Delage P. et al [10]., Bigot G., Zerhouni 
M.I., [6], Zerhouni, M.I., et al. [31], Cokca E., [8], 
Djedid, A., et al., [12], Cuisinier O. [9], Marcial, et al. 
[20], Bekkouch et al., [4] [5], Erzin Y.[14], Kariuki PC. 
[17], Yilmaz I. [30], Nelson, J.D. et al. [24], Tomas PJ., et 
al. [29]. For these authors, a very high inflation potential 
corresponds to a free inflation (expressed in percent-
age) greater than 25%, a high potential to an inflation 
between 5 and 20%, a medium potential to an inflation 
between 1.5 and 5%, and a low potential to an inflation 
lower than 1.5%. Johnson L.D., [16], Komine H. Ogota 
N [18], Miao L. et al., [21], the corresponding pressures 
of inflation are, respectively, superior to 300 kPa (very 
high potential), varying between 200 and 300 kPa 
(high), between 100 and 200 kPa (medium) and lower 
than 100 kPa (low).

Several methods exist to measure the pressure of infla-
tion in oedometers, among which we note: 

– Method of Huder and Amberg (1970).
– Method of inflation with constant volume, according 

to ASTM norm D 2487-06.[1].
– Method of inflation or settlement under constant 

load, which requires several identical samples.
– Free-swelling method followed by reloading.

The experimental studies show that the percentage of 
soil expansion increases proportionally with its density, 
its liquid limit, its clay contents, its plasticity and shrink-
age indexes, as well as its pressure of pre-consolidation 
Rao B.H. et al., [25], Thakur VKS, et al., [28], Derriche, 
Z., et al., [11], Ejjaouani, H., et al. [14], and Fleurau J.M., 
et al., [15]. A method using the slope of the line connect-
ing the percentage swell for various values of inundation 
stress was described in Nelson et al. [24]. These same 
studies report that the pressure of the expanding soil is 
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inversely proportional to its natural water content. 

The analysis of the experimental results [3], allowed us 
to draw the curves giving the variation of the swelling 
potential in function of time for different values the 
compression stresses (Fig 4). It also allowed us to estab-
lish various other relations:

Variation of the water content after expansion as a function 
of the different values of the compression stresses, (Fig 5),

Variation of the expansion potential as a function of the 
different compression stresses, (Fig.6),

Variation of the inflation potential with the water 
content in oedometer tests (Fig 7).

The following section is relative to the mathematical 
model describing the expansion mechanism, established 
from the oedometric tests.

t [days]

Figure 4. Variation of the swelling potential with time.

Figure 5. Variation of the water content with different load levels.

The dependence of the water content of an expansive 
soil, on the compression stresses (after swelling has 
taken place) can be expressed using an exponential 
function:

0 ( )P
sw swW W e g-=         (1)

with: 0
SWW  : Water content without loading (P = 0) 

and
01 ln sw

sw

W
P W

g
æ öæ ö ÷ç÷ç ÷= ç÷ç ÷÷ ç÷ç ÷÷çè ø è ø

        (2)

For the interval of stresses, generally between 50 and 400 
kPa in civil and industrial constructions, the dependence 
between the water content of the expansive soil and the 
compression stresses can be approximated using the 
relation.

swswW W Pc= -         (3)
with: 

swW  : Initial value of the water content given by the 
straight line in Figure 5.
χ : Slope of the curve in Figure 5.

The obtained values are: 0.24swW =   10.2MPac -=

In this part, five models for the prediction of the clay 
expansion according to the geotechnical properties are 
used. Their formulations are given in Table 3.

Some of these models (Seed et al. and the first model 
of Vijayvergiya and Ghazzaly) ignore the natural water 
content.

These models are valid in the range of the expansion 
amplitude varying from the lower limit of 5 % (the point 
at which a soil is considered to be expansive) to the upper 
limit of 60% (the maximum observed expansion). This 
allows us to determine, from these models, minimum 
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Figure 6. Variation of the inflation potential function of the different loads.

Figure 7. Variation of the swelling potential as a function of the water content.

Model Reference Mathematical expression

Seed and al. Seed et al. (1962) 5 2.442.16.10sw PIe -=

Nayak and Christensen Nayak and Christensen (1971) 2 1.45 2

0

2.29.10 6.38sw P
CI
W

e -= +

Vijayvergiya and Ghazaly-1 Vijayvergiya and Ghazzaly (1973)
 

62.42 0,65 130.5
lg( )

19.5
d L

sw
Wg

e
+ -

=

Vijayvergiya and Ghazaly-2 Vijayvergiya and Ghazzaly (1973)
 

00.4 5.5
lg( )

12
L

sw
W W

e
- +

=

Johnson Johnson (1978)

Pour IP<40

0 0

9.18 1.5546 0.08424
0.1 0.0432 0.01215

sw P

P P

I Z
W W I Z I

e = + + +
+
-

- -

Table 3. Tested models for predicting the inflation of the clays.
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water content comparable to the shrinkage limit, and 
maximum water content comparable to the liquid limit.

Mathematically, the prediction models should constitute 
functional relations between a dependent variable, the 
percentage of the expansion, and some independent 
explicative variables.

4 PROPOSITION OF A MODEL FOR THE 
EXPANSION POTENTIAL OF THE STUDIED 
CLAYS

The analytical results obtained show that, the variation 
of the expansion potential is dependent on the value of 
the compression stresses and the variations of the water 
content during the swelling process, and is governed by:

( )0
01 swsw sw

sw

P W W P
P

e e c
æ ö÷é ùç ÷= - - -ç ÷ê úç ÷ë ûçè ø

        (4)

This analytical expression (4) gives, with good preci-
sion, the value of the swelling potential of clay soils on 
the basis of their properties obtained from oedometer 
tests. This formula contains the specific features of the 
expansive soils:

εsw : Expansion potential.
0
swe  : Expansion potential without loading.

Psw  : Expansion pressure.
W0 : Initial water content.

swW  : Initial value of water content given by the graph 
  Wsw=f(P) (Fig 5). 

χ  : Slope of the curve in Figure 5.

This expression for the expansion potential is different 
from that found in the literature, by including a good 
approximation of its nonlinear relation with loading. The 
power of the load P in equation (4) does not exceed 2. 

5 DESIGN SHALLOW FOUNDATIONS ON 
EXPANSIVE SOILS

The stress state of the soil foundation is determined by 
computations calculations based on rules that consider 
the effect of the pressure of the weight of soil σz,g , the 
weight of the structure σz,p and the supplementary 
vertical pressure due to the influence of the weight of the 
non-wetted soil at the boundaries of the wet surfaces.

In determining the value of the uplift of the foundations 
after swelling the soil depending on the swelling pressure 
and the stress state of the sub grade, it is necessary to 

find the position of the boundaries of the swelling zones 
(II) (Fig. 6).

The main method for determining the boundaries of 
the areas of the swelling soil is as follows: In general the 
depth is determined, as the sum of the stresses due to 
the action of the weight of the soil, the live load and the 
additional vertical stress due to the non-wetted portion 
of the soil mass balancing the swelling pressure.

The probable swelling zone of the soil can be between 
the obtained depths. 

Taking this into account, the boundaries of the areas 
of the swelling soil are determined from the following 
equations:

, , , , pz tot z p z g z ad sws s s s= + +       (5)

Under the conditions of the in-situ pressure, the defor-
mation due to swelling is taken through dimensional 
compression conditions within the swelling soil layer, 
where the condition ,z g Ps £  is satisfied.

From the top of the soil layer, we divide the wet soil layer 
of thickness dz into elementary slices.

The relative deformation of the swelling soils takes the 
following form:

__
1 ( )z

swsw sw n
z sw

d p w w p
d p

e e c
æ öé ùD ÷ç ÷ê ú= = - - -ç ÷ç ÷ê úçè øë û

         (6)

Based on the results of experimental research [3], the 
relation (6) can be simplified as follows:

2
1 2sw b b p b pe = - +         (7)

where: __

__

1

2

( )

swsw n

sw
sw n sw

sw

sw

sw

b w w

b w w p
p

b
p

e

e
c

e
c

æ ö÷ç= - ÷ç ÷çè ø
æ öé ù÷ç ÷ê ú= - +ç ÷ç ÷ê ú÷çè øë û

=








Note that the relation (7), which incorporates the coef-
ficients b0, b1 and b2, includes important properties of 
the swelling soils.

Under the conditions of natural tension, changes to the 
compressive stresses can be determined using the classic 
formulas of soil mechanics ,z g sw zs g= ´ . Then, from 
(4) we will have:

2 2
1 2sw sw swb b z b ze g g= - +         (8)

where: γsw : is the: unit weight of the swelling soils.
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The final value of the absolute swelling strain of the soil 
under conditions of natural tension is determined using 
the following expression:

, ( )
H

B

Z

sw g swZ
S p dze=ò         (9)

where: ZB et ZH : Represent the lower and upper limits of 
the swelling soil, respectively.

Substituting (8) into (9) and integrating, we obtain:

( ) ( ) ( )2 2 2 3 3
, 1 2

1 1
2 3sw g H B sw H B sw H BS b Z Z b Z Z b Z Zg g= - - - + -

In the particular case, when the stress due to the self 
weight of the soil, does not exceed the value of the swell-
ing pressure across the entire thickness of the swelling 
soil mass and with, (σz,g < psw) along with ( )0 swZ H< £ :

For: ZB = 0; ZH = Hsw , expression (10) determines the 
deformation due to swelling in conditions of natural 
tension becomes:

2 2 3
, 1 2

1 1
2 3sw g sw sw sw sw swS b H b H b Hg g= - +         (11)

where : Hsw : Thickness of the layer of swelling soil.

Figure 8. Stress distribution in a foundation.

(10)

5.1 Computations of the uplift of the foundation of a 
building or structure, founded on swelling clay 
soils. 

The general case must take into account the action of 
the three normal stress components. But to simplify the 
problem, as supported by the standards of literature, 
swelling deformation is determined in relation to the 
conditions of uniform compression.

As noted is above, the deformation due to swelling in 
the foundations of buildings and structures occurs in the 
area of swelling, where it meets the following condition:

,z tot swps £

Hence, the equations for determining the formulas, 
for the uplift of the soil mass, are the transformation of 
expression (4) into a polynomial.

The compressive stress to the depth of the foundation is 
taken by Sadjin V.S. [26] as.

1 1 1    
2

,

Z
b a

z p es s
æ ö÷ç ÷- +ç ÷ç ÷çè ø= 

where  σo = σmoy - γsw Df        (12) 
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σmoy  : Mean stress at the bottom of the foundation.
Df  : Depth at the bottom of the foundation.
b, a : Dimensions of the bottom of the foundation.

Thus the sum of the pressure within the studied depth of 
the foundation takes the following form:

( )
1 1 1  
2

,

Z
b a

z tot sw fZ D es r g s
æ ö÷ç ÷- +ç ÷ç ÷çè ø= = + + 

        (13)

Taking into account (13), the expression (4) takes the 
following form:

1 1 1   (     )
2

1 1 ( )   
Z

b a
sw fb b Z D b ee s

- +
= - + -    

 21 1 1   (     )
2

2 ( )  
Z

b a
sw fb Z D eg s

- +é ù
ê ú+ + +ê ú
ë û



The final value of the deformation due to the uplift of the 
foundations of buildings and structures is determined 
using formula (9).

Substituting (14) into (9), we obtain: 

0 1b b
H

B

Z 1 1 1  Z (    )
2 b a

, sw f 1
Z

S (Z D )  b  esw p g s
- +

ìïïï= - + -íïïïî
ò 

  21 1 1  Z (    )
2 b a

2 f zb (Z D )   e    dswg s
- +

üïé ù ïïê ú+ + + ýê ú ïïë û ïþ


After necessary transformations, we obtain the relation 
for the uplift of rectangular foundation bearing on the 
swelling soil:

(14)

( )( )2
, 1 2sw p sw f sw f H BS b b D b D Z Zg g= - + -

(15)

) ( )( ) ( )2 2 2 3 3
1 2 2

1 12 
2 3sw sw f H B sw H Bb b D Z Z b Z Zg g g- - - + -

( ) 1 1 1 1 1 1  (    )   (     ) 1 2 2 2
2 2 

 
1 1

H BZ Zsw f b a b a
b b D

e e

b a

s g - + - +é ù-
ê ú+ -ê ú
ë û+



2 1 1 1 1 (    )  (     ) 2   
1 1

B HZ Z
b a b ab e e

b a

s - + - +é ù
ê ú+ -ê ú
ë û+



 +
1 1 1     
2

2 2

24  
1 1 1 1

BZ
b aB

sw
Zb e

b a b a

g s
æ ö÷ç ÷- +ç ÷ç ÷çè ø

ìé ùïïê úïïê úïïê ú+íê úï æ öê úï ÷+ çï + ÷ê úçï ÷÷çï è øê úë ûïî



1 1 1     
2

2

2  
1 1 1 1

HZ
b aHZ e

b a b a

æ ö÷ç ÷- +ç ÷ç ÷çè ø

üé ù ïïê ú ïïê ú ïïê ú- + ýê ú ïæ öê ú ï÷+ ç ï+ ÷ê úç ï÷÷ç ïè øê úë û ïþ

In the particular case, when all the soil layer is a swell-
ing clay, ,z tot swps £  and in accordance with ZB=0 and 
ZH=Hsw , formula (15) takes the form:

( )2 2
, 0 1 2    sw p sw f sw f swS b b D b D Hg g= - +

( ) 2 2 3
1 2 2

1 1    2    
2 3sw sw f sw sw swb b D H b Hg g g

ö æ ö

- - +

ù é ù
( ) 1 1 1     0 1 2 2

2   2 
+   1  

1 1
swHsw f b a

b b D
e

b a

s g æ ö÷ç- + ÷ç ÷÷çè ø
é ù- ê ú
ê ú-
ê ú

+ ê úë û
1 12     

2 0  1  
1 1

swH
b ab

e

b a

s
æ ö÷ç- + ÷ç ÷÷çè ø

é
+ -

+

ù
ê
ê
ê
êë û

1 1 1
2

2 0 2 2
2 2+ 4 b

1 11 1 1 1

swH
b asw

sw
H

e

b ab a b a

g s

æ ö÷ç- + ÷ç ÷÷çè ø

üì é ù ïï ïï ê ú ïï ïï ê ú ïï ê ú ïï - +í ýê úæ öï ïæ ö æ öê úï ï÷ç +÷ ÷÷ç çï ïçê ú+ +÷ ÷÷ç ç÷ï ïç÷ ÷è ø÷ ÷ç çï ïê úè ø è øï ïë ûî þ

(16)

Case of a square foundation

For a square foundation a = b, and in accordance with 
the formula (15) we have:

( )( )2 2
, 1 2       sw p sw f sw f H BS b b D b D Z Zg g= - + -

( )( )2 2
1 2

1   2    
2 sw sw f H Bb b D Z Zg g- - -

( ) ( )   2 3 3
2 1 2

1   2  
3

H BZ Z
b b

sw H B sw fb Z Z b b b D e eg s g
- -æ ö÷ç ÷ç+ - + - - +÷ç ÷÷çè ø



2 2 
  2

2
1  
2

B HZ Z
b bbb e es

- -æ ö÷ç ÷ç+ - ÷ç ÷÷çè ø


( )
 

2 2      
BZ

b
sw Bbb Z b e Zg s

-
+ + - ( )

 
   

HZ
b

H b e
-é ù

ê ú+ê úê úë û
(17)

In the particular case, when the entire thickness of 
the soil layer is a swelling clay, σz,tot ≤ psw ; and ZB=0, 
ZH=Hsw ; and formula (17) takes the form:

( )2 2
, 1 2     sw p sw f sw f swS b b D b D Hg g= - +

( ) 2 2 3
1 2 2

1 1   2    
2 3sw sw f sw sw swb b D H b Hg g g- - +

( )
2 

  2
1 2 2

1   2  1    1   
2

sw swH H
b b

sw fb b b D e bb es g s
- -æ ö æ ö÷ ÷ç ç÷ ÷ç ç+ - - + -÷ ÷ç ç÷ ÷÷ ÷ç çè ø è ø

 

( )
 

2 2     
swH
b

sw swbb b H b eg s
-é ù

ê ú+ - +ê úê úë û


(18)



73.Acta Geotechnica Slovenica, 2016/1

M. Baheddi et al.: A method for predicting the deformation of swelling clay soils and designing shallow foundations that are subjected to uplifting

Case of continuous footing

For a continuous footing ( )  a  ¥  formula (15) takes 
the form:

( )( )2 2
, 1 2       sw p sw f sw f H BS b b D b D Z Zg g= - + -

( )( )2 2
1 2

1    2    
2 sw sw f H Bb b D Z Zg g- - -

( )2 3 3
2

1     
3 sw H Bb Z Zg+ -

( )   
2  2 

1 2 2   2   
H BZ Z
b b

sw fb b b D e es g
- -æ ö÷ç ÷ç+ - - ÷ç ÷÷çè ø



  2
2   

B HZ Z
b bbb e es

- -æ ö÷ç ÷ç+ - ÷ç ÷÷çè ø


2 4   2sw Bbb Zg s+ + ( ) ( )
  
2  2       2  

B HZ Z
b b

Hb e Z b e
- -é ù

ê ú- +ê úê úë û
(19)

In the particular case, when the entire thickness of the 
soil layer is a swelling clay. σz,tot ≤ psw ; Formula (19) 
takes the form:

( )2 2
, 1 2     sw p sw f sw f swS b b D b D Hg g= - +

( ) 2 2 3
1 2 2

1 1    2    
2 3sw sw f sw sw swb b D H b Hg g g- - +

( )
 

  22 
1 2 2 2   2   1   1  

sw swH H
b b

sw fb b b D e bb es g s
- -æ ö æ ö÷ ÷ç ç÷ ÷ç ç+ - - + -÷ ÷ç ç÷ ÷÷ ÷ç çè ø è ø

 

( )
 

2  
2 4 2   2  

swH
b

sw swbb b H b eg s
-é ù

ê ú+ - +êêë û
 úú

(20)

Case of a circular foundation

For circular foundations with diameter d, (b = a = 0.886 d), 
formula (15) takes the form:

( )( )2 2
, 1 2sw p sw f sw f H BS b b D b D Z Zg g= - + -

( )( ) ( )2 2 2 3 3
1 2 2

1 12
2 3sw sw f H B sw H Bb b D Z Z b Z Zg g g- - - + -

( )
1.129 1.129 

  

1 2 0.886 2  
H BZ Z

d d
sw fd b b D e es g

- -æ ö÷ç ÷ç+ - - ÷ç ÷÷çè ø


2.257  2.257  
  20.443  

B HZ Z
d dd e es

- -æ ö÷ç ÷ç+ - ÷ç ÷÷çè ø


2 1.772 sw Bb Zg s+  ( )
1.129 

 
  0.886  

BZ
dd e

-é
ê +êêë

( )
1.129 

 
   0.886  

HZ
d

HZ d e
- ù

ú- + úúû
(21)

In the particular case, when the entire thickness of the 
soil layer is a swelling clay. σz,tot ≤ psw ; formula (21) 
takes the form:

( )2 2
, 1 2     sw p sw f sw f swS b b D b D Hg g= - +

( ) 2 2 3
1 2 2

1 1    2     
2 3sw sw f sw sw swb b D H b Hg g g- - +

( )
1.129 

 

1 2 0.886   2   1  
swH

d
sw fd b b D es g

-æ ö÷ç ÷ç+ - - ÷ç ÷÷çè ø


2.257  
 2

2 0.443  1   
swH

dd b es
-æ ö÷ç ÷ç+ - ÷ç ÷÷çè ø



2 1.772  0.886swd b g s+  ( )
1.129 

 
    0.886  

swH
d

swd H d e
-é ù

ê ú- +ê úê úë û
(22)

6 APPLICATION

For a continuous footing

Data:
32.125  ;  1   ;  1   ;  12   ; sw f swt m D m b m H mg = = = =

210    ; 14.1% ; 22%n swt m ws e= = =


Computations of the coefficients: b0 , b1 and b2 :

( )
__

= 0.22 0.212 0.141 0.01562swsw nb w we
æ ö÷ç= - - =÷ç ÷çè ø




__

1 ( )sw
sw n sw

sw

b w w p
p
e

c
æ öé ù÷ç ÷ê ú= - +ç ÷ç ÷ê ú÷çè øë û



                   
[ ]0.22 (0.212 0.141) 0.007 2.18

2.18
æ ö÷ç= - + ´÷ç ÷÷çè ø

                                  
3 2  4 28.7.10 8.7.10cm daN m t- -= =

20.212 0.198:  0.007
2 0

With cm daNc
-

= =
-

 4 4 2
2

0.22 0.007 7.06.10
2.18

sw

sw

b cm daN
p
e

c -= = ´ =


                                            

 6 4 27.06.10 m t-=

By substituting the values of the coefficients b0 , b1 and 
b2 into formula (17), we will obtain the uplift deforma-
tion of the foundation:
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If we take b = 2m, the value of the uplifting becomes:

=> Ssw,p = 0.0404 m = 4.04 cm

=> Ssw,p = 0.028 m = 2.80 cm

Case of a square foundation

Data:
32.125  ;  1   ;  1   ;  12   ; sw f swt m D m b m H mg = = = =

210    ;  14.1%  ;  22%n swt m ws e= = =


Computing the coefficients: b0 , b1 and b2:

( )
__

= 0.22 0.212 0.141 0.01562swsw nb w we
æ ö÷ç ÷= - - =ç ÷ç ÷çè ø




__

1 ( )sw
sw n sw

sw

b w w p
p
e

c
æ öé ù÷ç ÷ê ú= - +ç ÷ç ÷ê ú÷çè øë û



                      
[ ]0.22 (0.212 0.141) 0.007 2.18

2.18
æ ö÷ç= - + ´÷ç ÷÷çè ø

  
                               

3 2  4 28.7.10 8.7.10cm daN m t- -= =

20.212 0.198:  0.007
2 0

With cm daNc
-

= =
-

 4 4 2
2

0.22 0.007 7.06.10
2.18

sw

sw

b cm daN
p
e

c -= = ´ =


                                             

 6 4 27.06.10 m t-=

By substituting the values of the coefficients b0 , b1 and 
b2 into formula (5) we will evaluate the uplift deforma-
tion of the foundation.

7 CONCLUSIONS

Based on an analysis of the experimental results 
presented here, the following conclusions are can 
drawn. A theoretical model was formulated to describe 
the swelling potential of clay soils on the basis of their 
features obtained from oedometer tests. For expansive 
soils, designers are only interested in the measurable 
quantities which are generally the pressure and the 
amplitude of the expansion. A model has been proposed 
for the expansion potential of the studied clays. On the 
basis of the non linearity of the physical mechanism of 
distortion, the method developed in the present work, 
relates the phenomenon of expansion with the distribu-
tion of the contact pressure, the soil properties, as well as 
the type and the value of the external loading and allows 
the design of lifting shallow foundations on expansive 
soils, 

On the basis of the nonlinearity of the deformation 
mechanism of swelling clays, the method developed 
in the present work permits a calculation of the lifting 
surface of different types of foundations on expansive 
soils.

The rise of the foundations, based on expansive soils, 
depends not only on the expansiveness of the clay soils 
but also on the magnitude of the external loads transmit-
ted to the ground by the buildings.

The obtained results open up new perspectives for meth-
ods to design foundations on expansive clay soils.

REFERENCES

[1] ASTM. 2006. Standard practice for classification 
of soils for engineering purposes (Unified Soil 
Classification System). ASTM standard D2487-06. 
Annual Book of ASTM Standards, Vol. 04.18. 
American Society for Testing and Materials, West 
Conshohocken, pp. 395–408. 

[2] Baheddi, M., Djafarof, M.D.,Charif, A. 2007. 
Design method of flexible continuous footings 
on swelling clay soils. Building Research Journal, 
Institute of construction and Architecture Slovak 
Academy of Sciences, 55, 3, 169-184.

[3] Baheddi, M., Mustafaev, A.A., Djafarof, M.D. 1990. 
Mechanism of clays swelling deformation under 
the effect of centrifugal forces and the design 
shallow foundations. Thesis Ph D. Moscow (in 
Russian).

[4] Bekkouch, A., Aissa Mamoune, S.M., Houmadi, 
Y. 2003. Variabilité des paramètres de gonflement => Ssw,p = 0.0477 m = 4.77 cm

4 6 2 2
,

4 6 2 6

2 3 4 6

12 12
6 22 1 1

(0.01562 8.7 10 2.125 1 7.06 10 2.125 1 )12

1 12.125 (8.7 10 2 7.06 10 2.125 1)12 7.06 10
2 3

2.125 12 2 1 10(8.7 10 2 7.06 10 2.125 1)

( 1) 1 7.06 10 10 (1 ) 4 1 7

sw pS

e e

 

  

 

 

        

           

          

         6

12
2 1

.06 10

2.125 10 2 1 (12 2 1) 0.0404e m








 
       

 

4 6 2 2
,

4 6 2 6

2 3 4 6

12 2 12
6 21 1

(0.01562 8.7 10 2.125 1 7.06 10 2.125 1 )12

1 12.125 (8.7 10 2 7.06 10 2.125 1)12 7.06 10
2 3

2.125 12 1 10(8.7 10 2 7.06 10 2.125 1)

1( 1) 1 7.06 10 10 (1 ) 2 1
2

sw pS

e e

 

  

 


 

        

           

         

          6

12
1

7.06 10

2.125 10 1 (12 1) 0.0477e m







 
     

 



75.Acta Geotechnica Slovenica, 2016/1

M. Baheddi et al.: A method for predicting the deformation of swelling clay soils and designing shallow foundations that are subjected to uplifting

sous une fondation superficielle; Symposium 
international sur les fondations superficielles 
FONDSUP; (05 – 07 Novembre) Paris, France, pp. 
113-122.

[5] Bekkouch, A., Djedid, A., Aissa Mamoune, S.M. 
2002. identification et prévision du gonflement 
des marnes de Tlemcen (Algérie). PARAM, Labo-
ratoire Centrale des Ponts et Chassées de l’école 
Nationale des Ponts et Chaussées, pp. 125-132.

[6] Bigot, G., Zerhouni, M.I. 2000. Retrait, gonflement 
et tassement des sols fins Bulletin des laboratoires 
des Ponts et Chaussées, 229, 105-114.

[7] Chen, F.H. 1988. Foundations on expansive soils. 
Developments in Geotechnical Engineering, Else-
vier Publishing Co., 54, 465 p.

[8] Cokca, E. 2000. Comparison of suction and 
oedometer methods for the measurement of swell-
ing pressure. Engineering Geology 33, 2, 141-147.

[9] Cuisinier, O., Masrouri, F. 2005. Hydromechanical-
behaviour of a compacted swelling soil over a wide 
suction range. Engineering Geology 81, 3, 204-212. 

[10] Delage, P., Howat, M.D., Cui, Y.J. 1998. The rela-
tionship between suction and swelling properties 
in a heavily compacted unsaturated clay. Engineer-
ing Geology 50, 1–2, 31-48.

[11] Derriche, Z., Iguechtal, L., Tas, M. 1999. Compor-
tement des ouvrages dans liest argiles expansives 
d’In-Aménas. Revue Française de Géotechnique, 
89, 55-65. 

[12] Djedid, A., Bekkouche, A., Aissa Mamoune, S.M. 
2001. Identification et prévision du gonflement de 
quelques sols de la région de Tlemcen (Algérie). 
Bulletin de liaison des Laboratoires des Ponts et 
Chaussées 233, 67-75.

[13] Ejjaouani, H., Magnan, J.P., Shakhirev, V. 2000. 
Calcul des fondations sur sols gonflants, Revue 
Marocaine de génie civil, 89, 19P.

[14] Erzin, Y., Erol, O. 2007. Swell pressure prediction 
by suction methods. Engineering Geology 92, 3–4, 
133-145. 

[15] Fleurau, J.M., Verbrugge, J.C., Huergo, P.J., Correia, 
A.G., Kheirbek-Saoud, S. 2002. Aspects of the 
behavior of compacted clayey soils on drying and 
wetting paths. Canadian Geotechnical Journal 39, 
1341-1357.

[16] Johnson, L.D. 1978. Predicting potential heave and 
heave with time in swelling foundation soils. US 
Army Engineer Waterways Experiment Station, 
CE, Vicksburg, Miss. Technical report S-78-7. 

[17] Kariuki, P.C., van der Meer, F. 2004. A unified 
swelling potential index for expansive soils. Engi-
neering Geology 72, 1–2, 1-8.

[18] Komine, H., Ogata, N. 2004. Predicting swelling 
characteristics of bentonites. Journal of Geotechni-

cal and Geoenvironmental Engineering 130, 8, 
818-829.

[19] Lancelot, L.,Shahrour, I., Khaddaj, S. 2002. Etude 
en laboratoire du gonflement de l’argile des Flan-
dres, PARAM. Laboratoire Centrale des Ponts et 
Chassées de l’école Nationale des Ponts et Chaus-
sées, 145-151.

[20] Marcial, D., Delage, P., Cul, Y.J. 2001. Compress-
ibility of two swelling clays under high pressure. In 
Adachi &Fukue (eds), Clay Science for engineer-
ing. Rotterdam: Balkerna. ISBN:90-5809-175-9, pp. 
571-576.

[21] Miao, L., Houston, S.L., Cui, Y., Yuan, J. 2007. 
Relationship between soil structure mechanical 
behavior for an expansive unsaturated clay. Cana-
dian Geotechnical Journal 44, 2, 126-137. 

[22] Mouroux, P., Margon, P., Pinte, J.C. 1988. La 
construction économique sur les sols gonflants, 
BRGM, Manuels et méthodes, 14, 125 p.

[23] Mustafaev, A.A. 1989. Foundations on collapsible 
and swelling soils (In Russian) Vysshayashkola, 
Moscow, 592 p.

[24] Nelson, J.D., Chao, K.C., Overton, D.D. 2007. 
Definition of Expansion Potential for Expansive 
Soil. Proceedings of the 3rd Asian Conference on 
Unsaturated Soils, Nanjing, China. April.

[25] Rao, B.H.,Venkataramana, K., Singh, D.N. 2011. 
Studies on Determination of Swelling properties of 
soils from suction measurements, CanadianGeo-
technical Journal 48, 3, 375-387.

[26] Sadjin, V.S. 1971. About the model of swilling soils. 
Foundations and underground structures on swell-
ing soils 61. Strojizdat, Moscow (in Russian).

[27] Sorochan, E.A. 1989. Construction of works on 
the inflating soils. Strojizdat, Moscow, 312 p. (in 
Russian).

[28] Thakur, V.K.S., Singh, D.N. 2005. Rapid determina-
tion of swelling pressure of clay minerals. ASTM 
Journal of Testing and Evaluation 33, 4, 239-245.

[29] Thomas, P.J., Baker, J.C., Zelazny, L.W. 2000. An 
expansive soil index for predicting shrink–swell 
potential. Soil Science Society of America Journal 
64, 1, 268-274. 

[30] Yilmaz, I. 2006. Indirect estimation of the swelling 
percent and a new classification of soils depend-
ing on liquid limit and caution exchange capacity. 
Engineering Geology 85, 34, 295-301.

[31] Zerhouni, M.I., Dhouib, A., Hubert, B. 2002. 
Paramètres de gonflement et retrait des argiles – 
essais normalisées en France PARAM, Laboratoire 
Centrale des Ponts et Chassées de l’école Nationale 
des Ponts et Chaussées, pp. 125-132.



76. Acta Geotechnica Slovenica, 2016/1

Izvleček

Določanje in-situ inženirskih parametrov peščenih zemljin 
je bil vedno izziv za geotehnične inženirje, zaradi česar 
je bilo do sedaj razvitih več metod. Preizkus s Perthovim 
penetrometrom za peske (PSP) je ena od najbolj vses-
transkih metod. Je bistveno hitrejše in cenejše orodje 
kot vrtalna oprema, še posebej, če je globina razisko-
vanja zmerna. V prikazani raziskavi je obravnavana 
metodologija za uporabo naprave PSP za ovrednotenje 
inženirskih parametrov peščenih zemljin v laboratorijskih 
pogojih in preučevana ponovljivosti rezultatov preizkusa. 
Najprej so bili izvedeni preizkusi na tipičnih teheranskih 
mladih naplavinah (slabo granulirana peščena zemljina, 
SP), na vzorcih petih različnih gostot, navlaženih s 
pršenjem ali zalivanjem. Dalje so bile proučene običajne in 
logNormal porazdelitve podatkov o preizkusih z uporabo 
Kolmogorov-Smirnov testa normalnosti porazdelitve. Nato 
pa so bile, na podlagi dobljenih rezultatov, določene vrste 
razmerij med dinamičnim točkovnim indeksom odpora qd 
in drugimi parametri, kot so relativna gostota (Dr), modul 
elastičnosti (E), strižni modul (G) in trenjski kot zemlljine. 
Rezultati kažejo, da so dobljeni odnosi pol-logaritmični 
in logaritmični, večina dobljenih eksperimentalnih 
enačb ima visok koeficient določanja (>90%). Za oceno 
natančnosti rezultatov je bil uporabljen interval zaupanja 
meritev pri 95% zanesljivosti. Rezultati kažejo, da so bili 
vsi dobljeni eksperimentalni odnosi ustrezni. Nazadnje je 
bila ponovljivost rezultatov testov ocenjena z izračunom 
koeficienta variacije, ki je bil za vse teste manjši od 30%.
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Abstract

Determining the in-situ engineering parameters of sandy 
soils has always been a challenge for geotechnical engi-
neers, resulting in several methods having been developed 
so far. The Perth Sand Penetrometer (PSP) test is one of 
the most versatile of these methods. It is a considerably 
faster and cheaper tool than boring equipment, especially 
when the depth of the exploration is moderate. In the 
present research, a methodology for the use of a PSP 
device to evaluate the engineering parameters of sandy 
soils in laboratory conditions is discussed and the repeat-
ability of the test results is studied. First of all, the tests 
were performed on typical Tehran young alluvial deposits 
(poorly graded sandy soil, SP) consistently prepared to 5 
densities using the sand raining or pluviation technique. 
Next, the normal and logNormal distributions of the 
test data using the Kolmogorov-Smirnov normality 
test were examined. After that, based on the obtained 
results, the relationship types between the dynamic point 
resistance index (qd) and other parameters, such as the 
relative density (Dr), the modulus of elasticity (E), the 
shear modulus (G) and the friction angle of the soil, were 
determined. The results show that the obtained relation-
ships were semi-logarithmic and logarithmic, and most of 
the obtained experimental formulas had a high coefficient 
of determination (>90%). To evaluate the accuracy of 
the results, 95% confidence and prediction bands were 
also used and the results show that all the obtained 
experimental relationships were appropriate. Finally, the 
repeatability of the test results was evaluated by calculat-
ing the coefficient of variations, which was less than 30% 
for all the tests.

1 INTRODUCTION

The engineering parameters of sandy soil at an earth-
work, such as a foundation design on sandy soils, are 
commonly assessed using penetrometer testing. The 
most commonly employed dynamic method is the 
Standard Penetrometer Test (SPT), which involves the 
driving of a split-spoon sampler using a 63.5 kg drop 
weight [1]. While such devices are useful tools for larger-
scale site investigations, their applicability for large-scale 
projects is limited by the scale of the apparatus and its 
relative insensitivity for shallow depths. Dynamic prob-
ing is a continuous soil investigation technique and is 
assumed to be one of the simplest soil penetration tests. 
It basically consists of repeatedly driving a metaltipped 
probe into the ground using a drop weight with a fixed 
mass and travel. Testing is carried out continuously from 
ground level to the final penetration depth. The continu-
ous sounding profiles enable the easy recognition of 
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dissimilar layers and even thin strata using the observed 
variation in the penetration resistance. 

There are many dynamic probe devices in the world, 
such as Dynamic Cone Penetrometer (DCP), Mackin-
tosh probe, Dynamic Probing Light (DPL), Dynamic 
Probing Medium (DPM), Dynamic Probing High 
(DPH), Dynamic Probing Super High (DPSH), Perth 
Sand Penetrometer (PSP), etc. Table 1 shows some of the 
dynamic probing devices and their specifications.

The Perth Sand Penetrometer (PSP) is a lightweight 
dynamic penetrometer, a tool that is considerably faster 
and cheaper than boring, particularly when the depth 
of exploration is low and the soils being investigated are 
not coarse gravel [2, 3].

Most of the larger cities in parts of the world such as in 
Southern Australia, Northern Iran and Central UAE are 
situated on the coast or desert and many have extensive 
coastal deposits of clean, aeolian and alluvial sands. 
In earthwork projects like the construction of roads, 
dwellings and lightweight commercial and industrial 
structures, a determination of the engineering parame-
ters of sandy deposits is important.

The Perth Sand Penetrometer is described in detail in 
Australian Standard AS1289.F3.2 [4]. Since then, it has 
been used for the site characterization of pavement layers 
and foundations in other countries such as Iran [2]. There 
are some correlations between the dynamic probing 
devices (except PSP) and the engineering parameters of 
different soils [e.g. 5, 6, 7, 8], thus the main objectives 
of this paper are to describe the capability of the PSP to 
study the engineering parameters of sandy soils. 

Penetrometer
specifications Mackintosh

Dynamic Cone 
Penetrometer 

(DCP)

Perth Sand 
Penetrom-
eter (PSP)

Dynamic 
Probing Light 

(DPL)

Dynamic 
Probing Me-
dium (DPM)

Dynamic 
Probing 

High (DPH)

Dynamic Prob-
ing Super High 

(DPSH)
Hammer weight (kg) 4.5 8 9 10 30 50 63.5

Fall height (m) 0.3 0.575 0.6 0.5 0.5 0.5 0.75
Cone diameter (mm) 27.94 20 - 35.7 35.7 43.7 50.5

Area at the base of 
cone (cm2) 6.13 3.15 - 10 10 15 20

Diameter of rod 
(mm) 12.7 16 16 22 32 32 32

Tip angle (deg) 30 60 - 60 60 60 60

Standard range for 
number of blows

3-50
(for 10cm of 
penetration)

<20
(for 5cm of 

penetration)

<20
(for 5cm of 

penetration)

3-50
(for 10cm of 
penetration)

3-50
(for 10cm of 
penetration)

3-50
(for 10cm of 
penetration)

5-100
(for 20cm of 
penetration)

References [5] [7] [2] [2] [11] [11] [11]

Table 1. Some of the dynamic probing devices and their specifications.

2. THE PERTH SAND PENETROMETER (PSP)

 The Perth Sand Penetrometer is described in detail 
in Australian Standard AS1289.F3.3 [4]. The physical 
arrangement of the PSP is summarized in this part, and 
illustrated in Fig. 1. It consists of a 9kg sliding weight 
that delivers a measured quantity of energy by falling 
through a height of 600mm onto an anvil block. This 
energy is used to push a 16mm blunt ended steel rod 
into the ground. The steel rod is usually scribed at 
increments of 50mm and the results are expressed as 
the number of blows required to drive the rod through 
a distance of 150mm. The total mass of the device is less 
than 20 kg, making it relatively portable. Mohammadi et 
al. [9] explained that the results of dynamic penetrome-
ter tests with a flat tip (e.g., the PSP) are more repeatable 
and accurate compared to other penetrometers such as 
the DCP. Thus, it is better to use the PSP device instead 
of other dynamic penetrometers. Raising and releasing 
of the weight is achieved by hand, with a certain amount 
of care required to ensure that 

– The weight is lifted through the full 600mm height,
– There is negligible impact on the upper stop at the 

top of the lift, and
– The weight is released cleanly and allowed to fall 

without interference.

The sounding rods are configured so that once driven, 
the hammer can be removed and additional rods added 
to enable the testing to continue to depths of several 
meters. In the author’s experience, the maximum prac-
tical depths are of the order of 5 or 6 m in exceptionally 
loose conditions. Beyond these depths, difficulties in the 



79.Acta Geotechnica Slovenica, 2016/1

S.D. Mohammadi: Use of a Perth sand penetrometer (PSP) device to determine the engineering parameters of sands

Figure 1. Perth Sand Penetrometer [4].

retrieval of the rods and the risk of lost rods through 
damage become too great. 

The main advantages of the PSP include:

(1) Speed of operation;
(2) Use in difficult terrain where access is poor;
(3) The requirement for minimal equipment and person-

nel;
(4) Low cost of the equipment;
(5) Simplicity of operation and data recording/analysis;
(6) Use in the interpolation of soil strata and properties 

between trial pits and boreholes;
(7) Reduction in the number of boreholes required.

3 PROBABILISTIC AND STATISTICAL METHODS

The application of probabilistic and statistical methods 
in geotechnical engineering has increased remarkably in 
recent years. In this paper, some probabilistic and stati-
stical methods were used to evaluate the laboratory test 
results obtained from laboratory tests on studied river 
sandy soil. One of the methods used is the assessment 
of the distribution properties of the data. The Normal 
probability density function (pdf) is an appropriate 

model to assess the data distribution. The function of the 
Normal distribution is [10]:

21 1( , ) exp ( )
22x

xf x m
m s

ss p

ì üï - ïï ï= -í ýï ïïþïî
        (1)

in which μ is the mean and σ2 the variance. The pdf is 
symmetrical about a mode at μ, and falls off quickly as x 
deviates from the mean. The Normal pdf is usually tabu-
lated or calculated numerically using its Standard Normal 
form, with a mean of zero and a variance of one, N (0,1).

Sometimes probability distributions are chosen simply 
because they appear to fit the observed data. This ratio-
nale has nothing to do with physical law. This is often the 
case in fitting probability distributions to, say, soil data. 
One observes that when the frequencies of undrained 
strength measurements are plotted against the strength 
value they might exhibit a bell-shaped form characteri-
stic of the Normal pdf, and thus a Normal distribution 
model is used to approximate them [10].

Various statistical methods can be used to test whether 
the match between the empirical data frequencies and 
the theoretical pdf model is close enough to assume that 
the differences between the observed and the modelled 
could simply be due to sampling variability [10]. The 
most common of these tests are the Chi-square goodness 
of fit and the Kolmogorov-Smirnov maximum deviation 
test. In many cases, however, the easiest way to assess 
the quality of the fit of a theoretical distribution to an 
observed distribution is to plot the observed distribution 
against the theoretical distribution.

A probability grid is a specialized graph paper with 
horizontal and vertical scales designed such that the 
cumulative frequencies of a particular form of pdf (e.g., 
a Normal distribution) plot as straight lines. Thus, 
empirical data can be plotted on a probability grid and 
a visual determination made as to whether they are well 
approximated. The effect of the Normal probability grid 
can be achieved by using cumulative frequencies as 
arguments to an inverse standard Normal cumulative 
distribution function. 

Another graphical tool for comparing data with analyti-
cal distributions is the quantile-quantile (Q-Q) graph. 
A Q-Q graph shows the observed quantile of the data 
plotted against the theoretical quantile of the best fitting 
distribution. If the frequency distribution of the sample 
data is reasonably approximated, the empirical and 
analytical quantile should be approximately the same, 
and the data pairs should lie on a 45-degree line [11].

An assessment of the regression line confidence can 
be checked using confidence and prediction bands. To 
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achieve that, 99% and 95% confidence bands are useful 
in geotechnical engineering.

Finally, the correlation coefficient R2 between two types 
of data, such as soil parameters, is determined by [10]:

2 2

2 2

( )( )
( )

( ) ( )

x x y y
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x x y y

- -
=

é ù- -ê úë û

å
å å

        (2)

Where:
x: the value of the obtained data
y: the value of the measured data

4 MATERIALS AND METHODS

In order to achieve the main objectives of this paper it 
was necessary to select a suitable sample. First of all, the 
appropriate sampling area was selected and the sampling 
was done. Then, the selected sample was prepared in the 
laboratory.

4.1 Sampling area

The materials used in this research included typical 
Tehran young alluvial deposits (a poorly graded sandy 
soil) taken from the west of Tehran. Geologically, the 
Tehran young deposits comprise subrounded sand grains 
with 5% gravel. The X-ray analysis results show that it is 
comprised of quartz, feldspar, pyroxene and calcite.

4.2 Sample preparation

The data used in this paper was obtained from labora-
tory tests undertaken by the author at the Geotechnical 
Engineering Laboratory of Bu-Ali Sina University, 
Hamedan, Iran. 

To prepare the soil sample for testing, alluvial deposits 
were oven dried and passed through sieve No. 4. Fig. 2 
shows the gradation curves of the original soil and the 

Figure 2. Gradation curves of alluvial deposit and used soil.

Parameter value
emax (-) 0.97
emin (-) 0.46
Gs (-) 2.66

 γd (max) (KN/m3) 17.85
 γd (min) (KN/m3) 13.24

Cu (-) 1.16
Cc (-) 1

value of clay (%) 0
value of silt (%) 2

USCS soil classification SP

Table 2. The index properties of used soil.

sample after passing sieve No. 4, which is classified as 
poorly graded sand (SP) according to the Unified Soil 
Classification System. The index properties of the soil 
are shown in Table 2. 

To achieve a uniform sample, the sample in the testing 
mould was remoulded using a sand pluviation set that 
was designed and constructed at Bu-Ali Sina University. It 
has a height and diameter, both of 1m. The experimental 
arrangement used to generate a suitable sample for this 
study is schematically shown in Fig. 3. The sand was rained 
from the hopper, through holes ranging in size from 6mm 
to 15mm diameter, at a spacing (S) ranging from 20 to 
100mm, with the holes arranged in a triangular pattern.

Figure 3. Experimental arrangement used in this study.
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Dr(%)* Mean of Water 
content (%)

Dry unit weight
(gr/cm3)

25 0.04 1.44
35 0.04 1.48
50 0.04 1.55
60 0.04 1.60
75 0.04 1.67

Table 3. The index properties of used soil.

* Relative density

In all cases, a single diffuser screen with an aperture size 
of 2.36mm was employed (except where the pluviation 
rate was so great that sand accumulated on the screen, at 
which point, the diffuser was removed). The fall heights 
(free fall distance travelled by the sand from the diffuser 
to the top of mould) considered were 61mm, 236mm, 
481mm, and 641mm. A 1 liter mould (107mm in diame-
ter and 114mm in height) was used to catch the sand 
for the density control. Details of the tests on samples 
having different densities are indicated in Table 3.

To prepare the soil sample for the direct shear test, a 
circular shear box with 60 mm diameter and 25 mm 
height was used. To achieve a uniform compaction in 
the circular shear mould of the direct shear machine, 
tamping by a small circular steel plate with a 60 mm 
diameter was used. All the direct shear tests were also 
carried out in dry conditions.

4.3 Testing procedures

Several tests including the Perth Sand Pentrometer (PSP) 
test, the Plate Load (PLT) and direct shear tests were 
undertaken on the compacted materials as described in 
the following sections.

4.3.1 The Perth Sand Pentrometer tests and its repeatability

As previously mentioned, the PSP tests were used to 
determine the engineering parameters of sandy soil in 
laboratory conditions. To achieve some relation between 
the PSP results and the engineering parameters of sandy 
soils, several tests according to the ASTM standard were 
undertaken. Table 4 shows the program of laboratory tests.

The result of the PSP tests is shown by the qd index, 
where qd is the dynamic point resistance (Pa), which is 
determined using [12]:

d d
Wq r

W W
= ⋅

¢+
        (3)

Where:

qd is the unit point resistance value (Pa)
W is the mass of the hammer (kg)
h is the height (m)

Dr
(%) of sand 

samples

PSP
(number of 

tests)

PLT*
(number of 

tests)

Direct shear 
(number of 

tests)
25 3 3 7
35 3 3 7
50 3 3 7
60 3 3 7
75 3 3 7

Total      - 15 15 35

Table 4. Testing program for laboratory investigations.

g is the acceleration due to gravity (m/sec2)
A is the area at the base of the cone (m2)
e is the average penetration per blow
W' is the total mass of the extension rods, the anvil and 

the guiding rods (kg)

Fig. 4 shows the qd index values obtained from the 
laboratory PSP tests that were undertaken on sandy soil 
at the testing mould.

Figure 4. Average of qd index versus depth for studied soil at 
the testing mould.

The repeatability of the PSP test results is an important 
consideration. To evaluate the repeatability, several tests 
were carried out. Each testing series included three PSP 
tests on studied soil with different relative densities 
(Loose, Medium and Dense). In order to study the 
repeatability of the results, it was important to choose a 
suitable parameter that represented the repeatability. The 
use of the standard deviation value, s, was not appropri-
ate for this purpose because it is large for large values of 
NPSP [5]. However, the coefficient of variation (COV) 
can be considered as an indicative parameter because it 
represents a Normalized standard deviation. The COV 
parameter is calculated using Eq. (4):

/COV s X=         (4)

* Plate Load Test
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Where:

X  : the average of NPSP at each depth
s : the standard deviation of NPSP at each depth

Table 5 shows the coefficient of variation (COV) for 
the results obtained from some of the dynamic probe 
devices reported by various researchers. 

Dynamic probe devices Range of 
COV (%)

Mean of 
COV (%)

Refer-
ences

Standard penetration test 
(SPT) 27–85 30 [12]

Dynamic Cone Pen-
etrometer (DCP) 3-58 17 [7]

Mackintosh probe 0-39 11 [5]
Dynamic Probing Light 

(DPL) 0-23 8 [11]

Dynamic Probing Me-
dium (DPM) 0-17 5 [11]

Dynamic Probing High 
(DPH) 0-55 16 [11]

Dynamic Probing Super 
High (DPSH) 0-44 13 [11]

Table 5. Coefficient of variation for results obtained from some 
dynamic probe devices.

The sources of variability in soil properties differ, and 
accordingly the coefficients of variation differ for diffe-
rent dynamic devices [5]. It can be seen that the variation 
of the COV for the results of the Standard Penetration 
Test (N), which is basically a super heavy dynamic probe 
test, is higher than the other dynamic devices that are 
reported to be between 27% and 85% with a mean value 
of 30% [13]. The repeatability of the SPT test results 
could be used as a measure of the repeatability of the PSP 
results by comparing the COV values of the two methods. 
In the present research, the values of the COV have been 
determined for each depth in each series of tests. 

The average value of the COV was about 5.60% and its 
standard deviation was 9.51. In more than 68.7% of the 
tests, the value of the COV was 0%, and in 12.5% of the 
tests, this value was 20.28%. In the tests undertaken, the 
values of the COV varied between 0 and 28.3%, and for 
all cases it was less than 30%. Therefore, the results of the 
PSP tests for the three relative densities (Loose, Medium 
and Dense) can be considered as repeatable when 
compared with the values presented in Table 5.

4.3.2 Plate Load Test (PLT)

The Plate Load Test (PLT) is a useful site investigation 
tool and has been used for the proof testing of pavement 
layers in a lot of European countries for many years. 

Currently, it is used for the evaluation of both rigid 
and flexible pavements [14]. The PLT, at full or reduced 
scale, is sometimes considered as the best means of 
determining the deformation characteristics of soils, but 
it is only used in exceptional cases because of the costs 
involved [15]. In the present research, a round plate 
of 230mm diameter was used. The PLT was used as a 
reference test to obtain the strength parameters of the 
soil under investigation. A loading frame was designed 
to fit the mould and its support. To perform the test, the 
bearing plate and hydraulic jack were carefully placed 
at the centre of the samples under the loading frame 
(Fig. 5). The hydraulic jack and the supporting frame 
were able to apply 60 tons load. For the measurement of 
deformations, dial gauges that are capable of recording 
a maximum deformation of 25.4 mm (1 in.) with an 
accuracy of 0.001 in. were employed. The ASTM-D1195 
[16] standard method was followed to perform the test.

The elastic modulus is always considered as a more 
important deformeability parameter for a geomaterial. 
As in the case for other stress-strain tests, different elastic 
moduli can be obtained from the PLT. The soil elastic 
moduli can be defined as: (1) the initial tangent modulus; 
(2) the tangent modulus at a given stress level; (3) reloa-
ding and unloading modulus and; (4) the secant modulus 
at a given stress level [14]. In this study, since the stress-
-strain curves had a clear peak point, the initial tangent 
modulus was determined for all the plate load tests. To 
determine the initial modulus (EPLT(i)), a line was drawn 
at a tangent to the initial segment of the stress-strain 
curve, then an arbitrary point was chosen on the line 
and the stress and deflection corresponding to this point 

Figure 5. A schematic diagram of the Plate Load Test (PLT) set 
up (A) side view (B) plan view.



83.Acta Geotechnica Slovenica, 2016/1

S.D. Mohammadi: Use of a Perth sand penetrometer (PSP) device to determine the engineering parameters of sands

were determined for a calculation of the initial modulus. 
Fig. 6 describes the deformations and stresses used for 
determining EPLT(i). A reloading stiffness modulus called 
EPLT(R2) was also determined for each stress-strain curve.

Figure 6. Definition of the modulus from PLT results [13].

5.1 qd  index of studied soil

To determine the qd index, Eq. (3) was used. The values 
of qd were changed between 1400 kPa and 18270 kPa for 
the studied sandy soil. Fig. 7a shows the distribution of 
Plate Load Test on a logNormal chart. Also, the Kolmo-
gorov-Smirnov Normality test is shown (fig. 7b). The qd 
index falls nearly along a line in this plot and the P-Value 
is more than 0.05, from which one would infer that they 
are well modelled as a logNormal distribution. 

Figure 7. LogNormal distribution of the qd index shown by (a) 
histogram of data and (b) the Kolmogorov-Smirnov Normal test.

5.2 qd versus Dr(%)

The relative density (Dr) is a useful parameter to describe the 
consistency of sands [19]. To obtain the correlation between 
the average qd and Dr, first of all, a statistical distribution of 
Dr values was investigated. Figs. 8a and 8b show the Normal 
histogram curve and the Normal probability plot of a Kolmo-
gorov-Smirnov test for relative density, respectively. As shown, 
the distribution of the Dr values of the studied soil is Normal.

After that, the correlation between the average qd and Dr 
was investigated. Because the distribution of Dr is Normal 
and the distribution of qd is logNormal, thus the equation 
for Dr-qd will be Semi-Logarithmic. Eq. (6) and fig. 9 
suggest a good correlation between these two parameters. 
The determination coefficient (R2) of Eq. (6) is 0.98.

The second parameter that can be calculated from the 
PLT results is the shear modulus (G). The shear modulus 
is defined as the ratio of the shear stress to the shear 
strain [15] and is calculated using Eq. (5) [17]:

(1 )
8PLT

qDG p
n

r
= -         (5)

where:
q : bearing pressure
D : diameter of the loading plate
ρ : settlement
ν : Poisson’s ratio

4.3.3 Direct shear test

In order to determine the soil friction angle, 35 direct 
shear tests (Table 4) were undertaken in a circular shear 
mould with a diameter of 60mm. Due to the nature of 
the soil samples (non-cohesive), the cohesion parameter 
(C) was equal to zero and thus, the friction angles were 
calculated. The ASTM-D 3080-98 [18] standard method 
was followed to perform the test.

5 RESULTS AND DISCUSSIONS

As mentioned previously, one of objectives of the present 
research was to obtain the correlations between the qd 
index and some engineering parameters of sandy soils. 
In the following sections, the results of the tests and their 
correlations with important engineering parameters of 
the studied soil are discussed.
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Also, fig. 9 shows the 95% confidence and prediction 
bands of the line regression. As can be seen, all the data 
is limited to the prediction band area. 

(%) 181.18 406.38( )dDr Logq=- +    (R2=0.96)        (6) 

Figure 8. Normal distribution of the Dr shown by (a) histo-
gram of data and (b) the Kolmogorov-Smirnov Normal test.

Figure 9. Correlation between qd index and Dr(%).

EPLT(R2) are according to the logNormal and Normal 
functions, respectively. For the data obtained in this 
study, the best correlations between the average qd, 
EPLT(i) and EPLT(R2) are presented in fig. 11 and 13 (Eqs. 
7 and 8). However, there is a better correlation (Eq.8) 
between the average qd index and the PLT reloading 
modulus (EPLT(R2)) compared to the correlation with 
EPLT(i). Also, all the data and the regression lines are 
limited at the 95% confidence and prediction limits, 
respectively.

( ) ( ) 2.50 0.43PLT i dLogE kPa Logq= +   (R2=0.90)        (7)

( 2) ( ) 33870.5 11407.1PLT R dE kPa Logq=- +   (R2=0.96)  (8)

Figure 10. logNormal distribution of the EPLT(i) shown by (a) 
histogram of data and (b) the Kolmogorov-Smirnov Normal test.

5.3 qd versus modulus of elasticity (E)

As mentioned previously, the modulus of elasticity 
(E) is a useful parameter in earthworks. To evaluate 
the Normality of the modulus of elasticity, all the data 
obtained from the PLTs such as EPLT(i) and EPLT(R2) 
were tested using the Normal histogram curve and the 
Normal probability plot of the Kolmogorov-Smirnov 
test (figs. 10 and12). The results show that EPLT(i) and Figure 11. Correlation between qd and EPLT(i).
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Fig. 14 and Eq. (9) show the correlation between EPLT(i) 
and EPLT(R2), which has a linear trend.

2( ) ( )( ) 93444.2 24832.5 ( )PLT R PLT iE kPa LogE kPa=- +
(R2=0.94)        (9)

5.4 qd  versus shear modulus (G)

Several methods are available to evaluate the shear 
modulus of coarse-grained and fine grained soils, such 
as geophysical methods, the Plate Load Test (PLT), 
etc., which are all costly. In this research, the PLT shear 
modulus (GPLT) of the studied sandy soil was determi-
ned. Like the sandy soils’ modulus of elasticity (EPLT(i)) 
obtained in the present research, the GPLT values were 
according to the logNormal function (figs 15a and 
15b). Several correlations between the average qd versus 
GPLT were investigated. The best correlation between 
the average qd and (GPLT) is presented in fig. 16 and Eq 
(10). All the data and regression lines are located at the 
95% confidence and prediction limits, respectively. The 
results show that the shear modulus increases with an 
increase in the values of qd. This correlation is linear 
with a determination coefficient of 0.92.

( ) 0.39 0.897P LT dLogG kPa Logq= +    (R2=0.92)          (10)Figure 12. Normal distribution of the EPLT(R2) shown by (a) 
histogram of data and (b) the Kolmogorov-Smirnov Normal test.

Figure 13. Correlation between qd index and EPLT(R2).

Figure 14. Correlation between EPLT(i) and EPLT(R2).
Figure 15. logNormal distribution of the GPLT shown by (a) 

histogram of data and (b) the Kolmogorov-Smirnov Normal test.
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Figure 16. Correlation between qd index and GPLT.

5.5 qd  versus friction angle

The friction angle (ϕ) of sandy soils is an important 
engineering parameter for the design of the earth 
structure in earthworks. To assess the Normality of 
the effective friction angles (ϕ) obtained in the present 
research, the Normal histogram curve and the Normal 
probability plot of a Kolmogorov-Smirnov test were used 
(figs. 17a and17b). The results show that the effective 
friction angle (ϕ) is according to the Normal function. 

Figure 17. Normal distribution of the friction angle (ϕ) shown by 
(a) histogram of data and (b) the Kolmogorov-Smirnov Normal test.

Figure 18. Correlation between qd index and friction angle (ϕ).

The correlation between the average qd and effective 
friction angle (ϕ) is presented in Fig. 18 and Eq. (11):

( ) 10.56 83.31 ( )dPhi Deg Log Logq=- +   (R2=0.87)    (11)

6 SUMMARY AND CONCLUSIONS

The PSP is a lightweight device that can be conveniently 
used for soil investigations in shallow depths. The 
results of PSP testing can be used to assess rapidly the 
variability of soil conditions, allowing different layers to 
be identified. Based on the results of the present research, 
correlations can be established between the qd index and 
the engineering parameters of sandy soils. A statistical 
approach was applied to find the best correlations of the 
results with a high coefficient of determination (R2). For 
the results obtained, the determination coefficients (R2) 
between qd and the engineering parameters were mostly 
greater than 0.90. The statistical methods indicated that 
the distribution of the data obtained from the PSP was 
according to logNormal function and the obtained expe-
rimental formulas were located in semi-logarithmic and 
logarithmic classes. Also, all the data and regression lines 
were located at the 95% confidence and prediction bands, 
respectively. Table 6 shows the summary of the equations 
obtained in this study. To control the repeatability of the 
results of the PSP tests, the values of the coefficient of 
variation (COV) were calculated. This coefficient varied 
between 0 and 28.3%. Therefore, it can be concluded that 
the results of the PSP tests for five relative densities (Dr) 
can be considered as repeatable when compared with the 
values presented by Lee [13].
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Vsebina članka

Članek naj bo napisan v naslednji obliki:

– Naslov, ki primerno opisuje vsebino članka in ne 
presega 80 znakov.

– Izvleček, ki naj bo skrajšana oblika članka in naj ne 
presega 250 besed. Izvleček mora vsebovati osnove, 
jedro in cilje raziskave, uporabljeno metodologijo 
dela, povzetek izidov in osnovne sklepe.

– Največ 6 ključnih besed, ki bi morale biti napisane 
takoj po izvlečku.

– Uvod, v katerem naj bo pregled novejšega stanja in 
zadostne informacije za razumevanje ter pregled 
izidov dela, predstavljenih v članku.

– Teorija.
– Eksperimentalni del, ki naj vsebuje podatke o postavitvi 

preiskusa in metode, uporabljene pri pridobitvi izidov.
– Izidi, ki naj bodo jasno prikazani, po potrebi v obliki 

slik in preglednic.
– Razprava, v kateri naj bodo prikazane povezave in 

posplošitve, uporabljene za pridobitev izidov. Prika-
zana naj bo tudi pomembnost izidov in primerjava s 
poprej objavljenimi deli.

– Sklepi, v katerih naj bo prikazan en ali več sklepov, ki 
izhajajo iz izidov in razprave.

– Vse navedbe v besedilu morajo biti na koncu zbrane 
v seznamu literature, in obratno.

Dodatne zahteve

– Vrstice morajo biti zaporedno oštevilčene.
– Predložen članek ne sme imeti več kot 18 strani (brez 

tabel, legend in literature); velikost črk 12, dvojni 
razmik med vrsticami. V članek je lahko vključenih 
največ 10 slik. Isti rezultati so lahko prikazani v tabe-
lah ali na slikah, ne pa na oba načina.

– Potrebno je priložiti imena, naslove in elektronske 
naslove štirih potencialnih recenzentov članka. 
Urednik ima izključno pravico do odločitve, ali bo te 
predloge upošteval.

Enote in okrajšave
V besedilu, preglednicah in slikah uporabljajte le 
standardne označbe in okrajšave SI. Simbole fizikalnih 
veličin v besedilu pišite poševno (npr. ν, T itn.). Simbole 
enot, ki so sestavljene iz črk, pa pokončno (npr. Pa, 
m itn.). Vse okrajšave naj bodo, ko se prvič pojavijo, 
izpisane v celoti.

Slike
Slike morajo biti zaporedno oštevilčene in označene, v 
besedilu in podnaslovu, kot sl. 1, sl. 2 itn. Posnete naj 
bodo v katerem koli od razširjenih formatov, npr. BMP, 
JPG, GIF. Za pripravo diagramov in risb priporočamo 
CDR format (CorelDraw), saj so slike v njem vektorske 
in jih lahko pri končni obdelavi preprosto povečujemo ali 
pomanjšujemo.

Pri označevanju osi v diagramih, kadar je le mogoče, 
uporabite označbe veličin (npr. v, T itn.). V diagramih z 
več krivuljami mora biti vsaka krivulja označena. Pomen 
oznake mora biti razložen v podnapisu slike.

Za vse slike po fotografskih posnetkih je treba priložiti 
izvirne fotografije ali kakovostno narejen posnetek.

Preglednice

Preglednice morajo biti zaporedno oštevilčene in 
označene, v besedilu in podnaslovu, kot preglednica 1,
preglednica 2 itn. V preglednicah ne uporabljajte 
izpisanih imen veličin, ampak samo ustrezne simbole. K 
fizikalnim količinam, npr. t (pisano poševno), pripišite 
enote (pisano pokončno) v novo vrsto brez oklepajev. 
Vse opombe naj bodo označene z uporabo dvignjene 
številke1.

Seznam literature

Navedba v besedilu

Vsaka navedba, na katero se sklicujete v besedilu, mora 
biti v seznamu literature (in obratno). Neobjavljeni 
rezultati in osebne komunikacije se ne priporočajo v 
seznamu literature, navedejo pa se lahko v besedilu, če je 
nujno potrebno.

Oblika navajanja literature

V besedilu: Navedite reference zaporedno po številkah v 
oglatih oklepajih v skladu z besedilom. Dejanski avtorji 
so lahko navedeni, vendar mora obvezno biti podana 
referenčna številka.
Primer: »..... kot je razvidno [1,2]. Brandl and Blovsky 
[4], sta pridobila drugačen rezultat…«

V seznamu: Literaturni viri so oštevilčeni po vrstnem 
redu, kakor se pojavijo v članku. Označimo jih s 
številkami v oglatih oklepajih.

Sklicevanje na objave v revijah:
[1] Jelušič, P., Žlender, B. 2013. Soil-nail wall stability 

analysis using ANFIS.  Acta Geotechnica Slovenica 
10(1), 61-73.
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Sklicevanje na knjigo:
[2] Šuklje, L. 1969. Rheological aspects of soil mechan-

ics. Wiley-Interscience, London
Sklicevanje na poglavje v monografiji:
[3] Mitchel, J.K. 1992. Characteristics and mechanisms 

of clay creep and creep rupture, in N. Guven, R.M. 
Pollastro (eds.), Clay-Water Interface and Its Rheo-
logical Implications, CMS Workshop Lectures, Vol. 
4, The clay minerals Society, USA, pp. 212-244..

Sklicevanje na objave v zbornikih konferenc:
[4] Brandl, H., Blovsky, S. 2005. Slope stabilization with 

socket walls using the observational method. Proc. 
Int. conf. on Soil Mechanics and Geotechnical Engi-
neering, Bratislava, pp. 2485-2488.

Sklicevanje na spletne objave:
[5] Kot najmanj, je potrebno podati celoten URL. Če 

so poznani drugi podatki (DOI, imena avtorjev, 
datumi, sklicevanje na izvorno literaturo), se naj 
prav tako dodajo.

Podatki o avtorjih

Članku priložite tudi podatke o avtorjih: imena, nazive, 
popolne poštne naslove, številke telefona in faksa, 
naslove elektronske pošte. Navedite kontaktno osebo.

Sprejem člankov in avtorske pravIce

Uredništvo si pridržuje pravico do odločanja o sprejemu 
članka za objavo, strokovno oceno mednarodnih 
recenzentov in morebitnem predlogu za krajšanje ali 
izpopolnitev ter terminološke in jezikovne korekture.
Z objavo preidejo avtorske pravice na revijo ACTA 
GEOTECHNICA SLOVENICA. Pri morebitnih 
kasnejših objavah mora biti AGS navedena kot vir.

Vsa nadaljnja pojasnila daje:

Uredništvo
ACTA GEOTECHNICA SLOVENICA 
Univerza v Mariboru,
Fakulteta za gradbeništvo, prometno inženirstvo in arhitekturo 
Smetanova ulica 17, 2000 Maribor, Slovenija
E-pošta: ags@uni-mb.siINSTRUCTIONS FOR 

AUTHORS

Format of the paper

The paper should have the following structure:

– A Title, which adequately describes the content of 
the paper and should not exceed 80 characters;

– An Abstract, which should be viewed as a mini 
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